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ABSTRACT 

Current liquefaction evaluation procedures are based on liquefaction case histories at sites with 
predominantly quartzitic sands. Limited information is available on the seismic performance of 
sites with calcareous sands. Laboratory tests were performed to investigate the liquefaction 
susceptibility of uncemented calcareous sands. A series of isotropically consolidated undrained 
monotonic and cyclic triaxial tests were performed using the Playa Santa sand from Puerto Rico.  
Playa Santa sand is a poorly graded calcareous clean beach sand composed of angular particles 
with large intra-granular voids.  A series of consolidated undrained triaxial tests were performed 
with the Playa Santa sand remolded to a variety of relative densities and consolidated under a 
range of confining pressures. In addition, cyclic triaxial tests were performed with the Playa 
Santa sand at three sets of relative densities (20%, 40% and 60%). Generation of excess pore 
water pressure under different levels of cyclic loading was established. As a result, relationships 
were developed for the number of cycles required for triggering of liquefaction to cyclic stress 
ratio. The results from the laboratory tests were compared with the trends reported in the 
literature for quartzitic sands. It was seen that the Playa Santa sand was less susceptible 
liquefaction than quartzitic sands of the same relative density remolded and tested under similar 
conditions. Therefore as a result, it was established that the dynamic behavior of calcareous 
sands are different than quartzitic sands. It is still not clear how the current liquefaction 
evaluation methods should be adjusted to account for the unique behavior of calcareous sand 
deposits. 
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1.  INTRODUCTION 

 
This research was performed in an effort to better understand the cyclic and monotonic behavior 
of uncemented calcareous sands from the coastal plains of Puerto Rico.  Calcareous deposits are 
prevalent along the Puerto Rican coastal plains, where there are extensive commercial facilities 
such as hotels and ports and densely populated residential areas (Cataño 2006). There is a major 
gap in our understanding of the response of such deposits during earthquakes.  An improved 
understanding of the dynamic behavior of calcareous sands is necessary to make a better 
assessment of the liquefaction susceptibility of the soils in these areas.  
 
This study was funded by the United States Geological Survey under the research grant titled 
“Liquefaction Susceptibility of Uncemented Calcareous Sediments along the Coastal Plains of 
Puerto Rico” with award number 07HQGR0043.   
  
A series of laboratory tests was performed to investigate the dynamic behavior and liquefaction 
susceptibility of uncemented calcareous sands. Monotonic and cyclic triaxial tests were 
performed using the calcareous sands from Playa Santa, Puerto Rico. The results from the 
laboratory tests were compared with the trends reported in the literature for quartzitic sands.  
 
Current liquefaction evaluation procedures are based on liquefaction case histories at sites with 
predominantly quartzitic sands.  Limited information is available on the performance of sites 
with calcareous sands during earthquakes (Mejia and Yeung 1995).  The compressibility of 
calcareous sands is greater than quartzitic sands (Datta et al. 1982).  Mineralogy, particle shape, 
soil skeleton and high void ratios of calcareous sands contribute to this high compressibility.  
Compared to quartzitic sands the particle crushing and rearrangement mechanisms are more 
significant in calcareous sands (Coop and Airey 2003).  Of primary interest is how these 
mechanisms affect the pore-pressure generation during undrained monotonic and cyclic loading. 
It is also critical to develop a better understanding of the liquefaction potential of calcareous 
sands during earthquakes.  This study utilizes the results of laboratory tests to evaluate the 
monotonic and cyclic behavior of these soils.  The relationship of the field behavior during an 
earthquake to basic penetration tests is yet to be investigated.  Even though liquefaction 
evaluation procedures exist, it is not clear if these procedures which were developed for 
quartzitic sands are directly applicable to calcareous sands.  A continuation of this research is to 
address the current liquefaction evaluation procedures and their applicability to sites with 
calcareous sands.  
 
An understanding of how these sands react to cyclic loading is necessary because a significant 
amount of port infrastructure and coastal development in Puerto Rico are founded on these soils 
(Cataño 2006). Ground damage associated with coastal deposits of calcareous sands has been 
observed during the Guam Earthquake of 1993 (EERI 1995).  This underlines the necessity for a 
better assessment of the response of calcareous soils during earthquakes.   
The large extent of these calcareous deposits, their unique characteristics, the high seismicity of 
the island, coupled with recent construction of port facilities and increasing coastal developments 
in Puerto Rico are the main motivations for this study. To have an effective earthquake 
mitigation program, including liquefaction. Puerto Rico is densely populated and is located in a 
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highly seismic tectonic environment. The three last major earthquakes that affected the region 
were in 1918, 1943 and 1946 when the island had a much smaller population density and less 
urban/infrastructure development. 
 
The main objective of performing this research is to understand how the cyclic behavior of 
uncemented calcareous sands differs from quartzitic sands.  Most liquefaction research has been 
performed on quartzitic sands (Kramer 1996).  It is not clear if the current liquefaction evaluation 
procedures, which are largely based on case histories from sites with quartzitic sands, are directly 
applicable to calcareous soils.  This study investigates how the particle rearrangement and 
crushing mechanism in calcareous sand is manifested during monotonic and cyclic loading.  The 
specific tasks within this study are to:  
 

1. Perform index testing on the calcareous sand.  This included determining index densities 
and associated void ratios, specific gravity, grain size distribution and particle shape 
classification.   

 
2. Evaluate the undrained static stress-strain behavior of calcareous sand using monotonic 

triaxial testing.  This provided preliminary insight into the pore-pressure generation 
during cyclic loading.  

 
3. Evaluate the liquefaction susceptibility of calcareous sand using cyclic triaxial testing.  

Comparing these results with trends reported in the literature for quartzitic sands at 
similar relative densities provides a baseline for further research of in-situ test 
correlations.   
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2.  BACKGROUND 

 

2.1. Seismicity of Puerto Rico 
The U.S. Commonwealth of Puerto Rico has a population of 3.8 million (U.S. Census Bureau 
2000), a higher population density than any U.S. state. The island extends approximately 160 km 
from east to west and 50 km from north to south. It is bounded by active off-shore faults on all 
sides as shown in Figure 2.1. The island of Puerto Rico has a long history of damaging 
earthquakes (Clinton et al. 2006). Major earthquakes have produced damaging ground motions in 
Puerto Rico in 1615,1670, 1751, 1776, 1787 (~M8.0 Puerto Rico Trench), 1867 (~M7.3 
Anegada Passage) and 1918 (~M7.3 Mona Passage). Large events in 1943 (~M7.5) and 1946 
(~M7.8) also caused much damage in the neighboring Dominican Republic (Clinton et al. 2006). 
Numerous local and regional events in the recorded history with M>7, some of which have 
generated tsunamis, have caused extensive damage to local infrastructure. The USGS seismic 
hazard maps (Mueller et al. 2003) indicate that the seismic hazard is similar to the Basin and 
Range province in the Western U.S.  
 
Puerto Rico lies in a highly seismic environment located within a microplate sandwiched 
between the obliquely subducting North American and Caribbean plates (Clinton et al. 2006). 
The main sources of seismic activity in the region are at the microplate boundaries; the 
subduction zones to the north (the Puerto Rico Trench, which is the location of the largest 
gravity anomaly on earth) and south (the Muertos Trough: Carbó et al., 2005), and zones of 
extension at the Anegada Trough to the east, and the Mona Canyon region to the west. All 
regions are capable of producing events greater than M7.0, and all have evidence of having done 
so in the recorded history of the island (Asencio, 1980; Moya and McCann,1992; Macari, 1994). 
On average Puerto Rico is strongly shaken with Modified Mercalli Intensity MMI >VII every 
hundred years, and MMI > VI is experienced on the island once every 50 years (Clinton et al. 
2006). 
 
In addition to these offshore sources, recent trenching shows evidence of two surface rupturing 
events on the inland South Lajas fault in southwestern Puerto Rico (Prentice et al. 2000, Prentice 
and Mann 2005), predominantly along a normal fault with a component of strike-slip motion, 
both within the last 5000 years. This 50-km long inland fault segment can produce M7.0 events 
(LaForge and McCann 2003), and potentially could be part of a longer fault zone that extends 
towards Ponce, the second largest city on the island (population 186,000, 2000 Census). Other 
shallow faults, mainly with E-W trends, are scattered across the island. These include the Great 
Northern and Southern Puerto Rico Fault Zones. These structures have unknown potential for 
large magnitude events, as yet there is no evidence of a Holocene rupture. Tectonic models 
(Prentice and Mann 2005) and GPS studies (Jansma and Mattioli 2005) indicate that there are 
active faults on-shore to accommodate some extension across the island. 
 
The most recent large event to cause widespread damage across the island occurred in the Mona 
Passage in 1918, with MS7.3 (Pacheco and Sykes, 1992). This event caused substantial structural 
damage to the large towns of Mayagüez and Aguadilla on the West of the island. The associated 
tsunami had a run-up of 6 meters at Aguadilla and 2 meters at Mayagüez (reaching over 1 km 
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inland) which killed over 100 people (Mercado and McCann, 1998). Widespread liquefaction 
was observed along the unconsolidated floodplains in the municipalities of Añasco and 
Mayagüez (Capacete et al., 1972; Moya and McCann, 1992), areas now with pockets of dense 
population. With the island now having a far greater density of population and infrastructure – 
infrastructure that has not yet been tested by strong-motions since this event in 1918 – a repeat of 
such grounds motions would lead to a far more severe loss of life and infrastructure. 
 

 
 

Figure 2-1. Map of northeast Caribbean, showing major tectonic structures and 
approximate locations for damaging earthquakes in recent history (Clinton et al. 2006) 

2.2. Calcareous Sediments in Puerto Rico 
A significant part of the coast line of the island of Puerto Rico is overlain by deposits of 
calcareous sands. The warm marine environment of the insular shelf of Puerto Rico results in 
biogenic and biochemical processes that produce calcareous sand deposits with a unique internal 
structure. Map of the surficial sediments along the insular shelf of Puerto Rico is shown in 
Figure 2.2 (Scanlon et al. 1998). Sites with predominantly calcium carbonate sediments (more 
than 75% CaCO3 content) are found along a significant portion of the Puerto Rico coastal area. 
Sites with predominantly quartzitic mineral (less than 25% CaCO3 content) are found near river 
estuaries of terrigenous sediment deposition environments. Calcium carbonate sediments are 
found to be concentrated in areas where the shelf is sufficiently wide to extend beyond the direct 
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influence of sediment input from the rivers. Similar abundance of marine deposits also exists in 
other areas of the United States and territories such as Florida, Hawaii and Guam Islands 
(Morioka 1999). They may also exist in continental ancient marine environments like the 
Alabama black-belt soils and Pierre shale North Dakota (Demars and Chaney 1982). 
 

 
Figure 2-2. Surficial sediments of the insular shelf of Puerto Rico (Scanlon et al. 1998). 

 
Current procedures for the evaluation of liquefaction susceptibility utilize an in-situ test (SPT, 
CPT or shear wave velocity measurements) where, the measured property is used to estimate the 
cyclic resistance of the soil against earthquake loading. The resistance curve is developed from 
post-earthquake observations of liquefaction behavior. The site database which forms the basis 
for the current approach is based on earthquake events along terrigenous sand deposits. Sites 
with calcareous sands, if any have not been the focus of these studies. 
 
Over the past 30 years, off-shore platform installations and construction of coastal facilities in 
tropical and sub-tropical regions of the world (e.g., Australia, Brazil, USA, India, Israel) have 
highlighted the important differences in geotechnical behavior that calcareous sands have with 
respect to terrigenous sands (e.g. Datta et al. 1982, Allman and Poulos 1988). The most 
remarkable differences found are their lower strength and more ductile response compared to 
other sands. This is believed to be mainly associated to their higher susceptibility to crushing 
when sheared. Other factors which have been found to contribute to their unusual behavior are 
the unique properties of their particles including variations in size, form, and shape, their 
intraparticle voids and structure, and the generation of interparticle cementation. 
 
Calcareous sands predominantly consist of skeletal remains of marine organisms and typically 
have high carbonate content. Calcareous sands have unique features that distinguish them from 
terrigenous sands (e.g., quartzitic sands). Calcareous sands have a wide variety of particle types 
which can differ in nature, shape, and form, and exist in both cemented and uncemented states. 
The different mineralogy and particle characteristics tend to make them more susceptible to 
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crushing than terrigenous sands.  Limited research is available on the behavior of these sands 
under earthquake loading (e.g., Hyodo et al. 1998; Lo Presti et al. 1993; Morioka 1999; and 
Valle et al. 2003).  More research on these sands is warranted, particularly for areas with high 
seismicity. 
 
Calcareous sands are unique in their nature and in many ways different than quartzitic sands. 
They a higher specific gravity (Gs-calcareous ~ 2.74-2.86 Gs-quartzitic = 2.65) whereas on the 
contrary, the calcareous grains have an intragranular void structure as shown in Figure 2.3. 
Despite the higher specific gravity of the grains, highly porous grain structure results in 
considerably higher values of void ratio compared to quartzitic sands. For example, it was found 
that the dry density of calcareous sands range between 10.5-12.1 kN/m3 for loose to medium-
dense states compared to the 15.2-17.6 kN/m3 for the quartz based sands at similar relative 
density range . A measured shear wave velocity will translate into a softer soil matrix (lower 
density and thus smaller shear modulus) for the calcareous sand. Furthermore it is not yet clear if 
the shear wave velocity screening tool for liquefaction susceptibility even if this ambiguity in 
densities is properly taken into account. The higher void ratios and intragranular voids coupled 
with the softer crushable grains may still make them more susceptible to liquefaction.  The 
motivation to this study stems from this need to assess the potential difference in the behavior of 
calcareous sands and the more "traditional" deposits we encounter in practice. 
  

 
 

Figure 2-3. Highly porous texture of a calcareous sand grain (Cataño 2006) 
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3.  CALCAREOUS SOILS : LITERATURE REVIEW 

 

3.1. Compressibility 
High compressibility is a characteristic of uncemented calcareous soils.  Under similar loading 
conditions and stress levels, calcareous sands can be as much as 30 times more compressible 
than quartzitic sands (Morioka and Nicholson 2000).  The petroleum industry encounters 
problems with offshore structures founded on piles in calcareous sands (Golightly and Hyde 
1988; Semple 1988).  Driven piles in calcareous sands often experience unexpected excessive 
settlements (Mitchell 1993).  Pile driving causes increased compressive stresses at the pile tip.  
These stresses cause particle crushing in calcareous sands which usually does not occur in 
quartzitic sands.  Particle crushing reduces the induced horizontal pressure around the pile shaft 
which reduces skin friction (Coop 1990; Golightly and Hyde 1988; Semple 1988).   
 
The compressibility of sands is discussed in Lee and Seed’s 1967 paper on the drained strength 
behavior of sands.  Figure 3-1 shows a plot of an idealized compression (e-log p) curve where p' 
is the effective confining pressure.  At low stresses the soil is very stiff with little volume change 
at increasing confining pressure.  Yield stress, py, is reached with increased loading, and is 
defined by a distinct change in soil compressibility.  This phenomenon is analogous to the 
preconsolidation pressure in clays.  If a sand is subjected to stresses beyond the yield stress, it 
will undergo relatively significant volume change as a result of increased loading.  This portion 
of the load curve defines the “normal consolidation line”, NCL and is characterized by the slope 
CC, the Compression Index.  The nomenclature used for clays is also used for sands.   
 
Elastic deformation in the soil skeleton accounts for most of the strain during the initial part of 
compression, and relatively little particle crushing and rearrangement occurs at this stage.  As the 
confining stress is increased, the particle crushing and rearrangement mechanism becomes more 
significant.  As Lee & Seed (1967) indicate, this component continues even after the excess pore 
pressures have dissipated.  This mechanism causes secondary compression or creep and is 
discussed in detail in the following section. 
 
Yield stress is a function of the NCL and the compacted void ratio (Lee and Seed 1967).  Under 
compression the void ratio of a sand sample initially changes according the 
recompression/rebound index, Cr.  As the stress increases the stress-volume state approaches the 
NCL.  This intersection defines the yield stress.  For a given NCL, a sand sample prepared with a 
high void ratio has a lower yield stress than a sample prepared with a low void ratio.  As also 
implied by Lee & Seed, the yield stress also serves as an indicator and memory of the load 
history. 
 
Several researchers have proposed that within a compression framework there is a commonality 
of behavior among quartzitic sands and calcareous sands (Coop 1990; Hyodo et al. 1996; Semple 
1988).  Figure 3-2 shows the compression curves for Dogs Bay calcareous sand and Toyoura 
quartzitic sand.  There are two significant hypotheses that researchers have made regarding the 
compression of calcareous sands.  The first is that they have a similar NCL.  The second is that 
the compression parameters (Compression Index and Recompression/Rebound Index) of these 
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sands are similar. (Coop 1990; Semple 1988)  Given these hypotheses the compressive behavior 
of calcareous sands can be related to the compression curve and the NCL of a common quartzitic 
sand.   
 

 
 
Figure 3-1. Idealized compression curve.  Yield point (py) is the point of maximum 
curvature.  Recompression/rebound (Cr) and compression (Cc) indices are the change in 
void ratio over one log cycle.  (Lee and Seed 1967)  
 
The void ratio range of compacted sands is a function of particle shape and gradation.  As 
indicated above, this range in calcareous sands is significantly different than quartzitic sands.  As 
a result of the hypothesized commonality of the NCL of quartzitic and calcalreous sands and the 
higher void ratio, calcareous sands tend to have a lower yield stress compared to quartzitic sands.   
At typical working stresses the yield stress is exceeded and compression is defined by the Cc, 
rather than the Cr.  If a quartzitic sand sample were constructed with a high void ratio, the 
compressive behavior would be similar under the e-log p' framework theory (Coop 1990; Semple 
1988).  This phenomenon is illustrated in Figure 3-2.  As shown, the yield stress for Dogs Bay 
calcareous sand, at a relative density of 60%, is at about 1 MPa or 10 tsf.  Toyoura quartzitic 
sand has a yield point of about 10 MPa or 100 tsf (Hyodo et al. 1996). While the yield stress of 
quartzitic sands would generally be above typical working stresses, the yield stress of calcareous 
sands can easily be exceeded at typical working stresses.  As a result particle crushing can take 
place during loading of calcareous sands and can be a significant factor affecting the behavior.   
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Secondary compression can be significant in calcareous soils when compared to terrigenous soils 
(Coop 1990; Coop and Airey 2003; Poulos et al. 1982).  Secondary compression and creep of 
these soils are not well discussed in the literature, but this phenomenon plays an important role in 
their behavior.  Creep is the time-dependent strain deformation of a material under a constant 
stress.  Secondary compression is a special case of creep applied to the volumetric strain of soils.  
It is the continuous rearrangement and crushing of particles following primary consolidation 
(Mitchell 1993).    
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Figure 3-2.  Isotropic compression of Dogs Bay Calcareous Sand and Toyoura Sand.  After 
Hyodo et al. 1996  
 
Secondary compression is observed to follow a linear trend when plotted versus the log of time.  
Poulos et al. (1982) performed several tests and determined the coefficient of secondary 
compression for a calcareous soil, and found it to be linear with the log of time for all tests.  At 
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load levels approaching and past the yield point, secondary compression becomes significant 
enough to obscure the end of primary consolidation.      
 
Compressibility of calcareous sands is one of the most important factors affecting its monotonic 
behavior.  The high compressibility of calcareous soils is attributed to its high void ratio.  As the 
load increases asperities at the particle contacts break, resulting in soil particle rearrangement.  
At stresses below yield stress calcareous sand compression is similar to that of quartzitic sand at 
typical geotechnical working loads.  It is important to know if the particle-crushing mechanism 
in a calcareous sand occurs at the working stresses for design, i.e. the working stresses exceed 
the yield stress.  

3.2. Monotonic Shear Behavior of Sandy Soils   
This section provides a review of the monotonic behavior of terrigenous and calcareous soils.  A 
general review of steady-state and stress-strain behavior is followed by a detailed discussion of 
the monotonic behavior of calcareous sands.   
 
Stress paths provide a useful tool for evaluating the behavior of a soil.  Two conventions are 
typically defined and used.  In stress path plots the x-axis represents the normal stress, p or p', of 
a soil element.  The y-axis represents the shear stress, q, on a soil element.  The conventions 
were named from the institution where they were first used.  The MIT stress path convention 
defines p as the mean of the major and minor principal stresses, (σ1+σ3)/2, and the effective 
normal stress, p', is defined likewise, (σ'1+σ'3)/2.  The y-axis, q, is the shear stress on the sample, 
(σ'1-σ'3)/2.  The Cambridge stress path convention defines p as the mean of three principal 
stresses, (σ1+σ2+σ3)/3 or (σ1+2σ3)/3, and the effective normal stress, p', is defined likewise, 
(σ'1+σ'2+σ'3)/3 or (σ'1+2σ'3)/3.  The y-axis, q, is the deviatoric stress on the sample, σd or (σ'1-
σ'3).  This document uses the MIT stress path convention, but the Cambridge convention is used 
in several cited references. 
  
Soils have a tendency for volume change when sheared.  This tendency for volume change is 
explained by steady-state and critical state theories (Been et al. 1986; Been and Jefferies 1985; 
Been et al. 1987; Casagrande 1936; Poulos 1981; Roscoe et al. 1958).  During shearing the 
effective stress or volume changes until the stress-volume state is at the critical or steady-state.  
This is the point during shear at which the soil stresses and volume remain constant (Roscoe et 
al. 1958).  The differences between steady-state theory and critical state theory are subtle.  
Generally, these titles are used interchangeably in current soil mechanics literature without 
significant emphasis on the differences (Rose 1993). 
 
The steady-state of a saturated soil is defined by two parameters; void ratio and effective stress.  
Effective stress can be expressed in several different ways; vertical effective stress (p'), mean 
effective stress (I'), major principal stress (σ1'), minor principal stress (σ3'). Figure 3-3 shows a 
plot of a typical steady-state line for a sand.  A straight line is not a requirement but is used for 
convenience.  The plot shows four different stress paths for cases of drained and undrained 
loading.  Two tests are conducted at different confining pressures (σ'CON).  The plot shows that 
the each test progresses towards the steady-state line under the applied shear load.  The path 
taken depends on the drainage condition.  Under drained shear Δu is maintained at zero as the 
volume of the sample changes due to shear.  This results in a vertical path to the SSL, samples 1 
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and 2.  Sample 1 dilated during shear, and sample 2 compressed during shear.  Under undrained 
conditions sample volume is held constant.  Tendency for volume change is expressed as change 
in pore-pressure.  The change in pore-pressure results in negative change in effective confining 
stress.  Under these conditions the path is horizontal, samples 3 and 4.   

 

log p’

e

(1)

eo

p’con

SSL/CSL

(2)

(3) (4)

p’fp’con  
 

Figure 3-3. Steady-state/Critical State Line 
 
Schematic stress paths for samples 3 and 4 are shown in Figure 3-4.  The consolidated void ratios 
of these samples are the same.  Under undrained conditions, constant volume, both samples shear 
to the same stress state.  As shown in Figure 3-3 sample 3 has a tendency to dilate following an 
initial tendency for compression.  Sample 4 has a tendency to compress.  Each sample path 
proceeds toward the same point on the SSL because a constant sample volume is maintained.   

 
The stress-strain plots for the undrained samples, Figure 3-5, show that high strains are necessary 
to reach steady-state.  The triaxial test is considered by many researchers to be unsatisfactory for 
establishing a steady-state (Coop et al. 2004; Finn 1990; Kramer 1989; Porter 1998; Seed et al. 
1989).  Because high strain is necessary to reach steady-state, it is difficult to achieve with 
confidence using the triaxial test.  These tests were developed and used to determine peak 
strengths which typically occur at low strain (Porter 1998).  During undrained testing, as the 
sample is compressed it expands horizontally maintaining constant volume.  This expansion is 
not constant throughout the sample, and the shape of the sample deformation is irregular.  Cross-
sectional sample area during loading is not known.  Reasonably accurate sample stresses, as well 
as strains, cannot be calculated. (Porter 1998)  Other more complex soil states are often defined 
to classify soil behavior.  These include quasi-steady-state and phase transformation.     
 
Phase transformation is a concept developed by Ishihara (1975).  It defines the point during 
undrained shear at which the tendency for volume change of the soil changes from contractive to 
dilative behavior.     
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Figure 3-4. Stress paths for samples 3 and 4, prepared at equal void ratios and confined at 
different stress states.  Each sample reached the same steady-state stress state. 

 
 

 
Figure 3-5.  Stress-Strain plot for samples 3 and 4 undrained triaxial. 

 
Working stresses and the depositional environment cause the typical behavior of a sand during 
shear to be similar to that of sample 3, i.e., an initial contractive tendency followed by a tendency 
for dilation.  A schematic of the stress path for this idealized sample is shown in Figure 3-6.  By 
definition the point at which the behavior changes from a tendency for contraction to a tendency 
for dilation is the maximum excess pore pressure.  This is the stress state at which the difference 
between the effective stress and the total stress, p' and p, is greatest.  From this point onward the 
tendency for volume change is dilative, manifested as decreasing pore water pressure.   
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Figure 3-6. Phase Transformation of Sample 3 

 
A line drawn through the PT point from the origin is the phase transformation line.  Theoretically 
the slope of this line is the same for samples prepared at a common density.  In other words, the 
PT line is independent of initial confining pressure. (Ishihara et al. 1975).  This theory has great 
practical application to soil modeling.  It can be said that if the effective stress path of a soil 
element crosses the PT line, forward or backward, the tendency for volume change will change 
regardless of the path taken.   
 
Some definitions of phase transformation differ from the way it was originally introduced by 
Ishihara (1975).  Many researchers define it as the point with lowest mean normal effective 
stress, (σ1′+2σ3′)/3 (Hyodo et al. 1998; Kramer 1996; Sharma and Ismail 2006).  This would be 
the point where the slope of the stress path becomes vertical, or the tip of the elbow in a 
Cambridge stress path.  While inconsistent with Ishihara’s original definition, it is often very 
close to the actual point of phase transformation, and may be just as significant as the true point 
of phase transformation.  Using he Cambridge convention the parameter p′ is defined as the 
mean normal effective stress, (σ1′+2σ3′)/3.  Using this convention puts the phase transformation 
closer to the point of minimum mean normal effective stress, I', because the horizontal effective 
stress (σ3′) has greater weighting in the Cambridge convention.  This minimizes the relative 
differences between the original (Ishihara’s) and the alternative definition of phase 
transformation.  While this might appear to be an inconsistency, this definition seems to be a 
standard, and is commonly used in the geotechnical earthquake engineering field.  Ishihara’s 
initial definition has been used to define the phase transformation in this study.  

3.3. Stress-strain Behavior of Calcareous Sands 

Offshore petroleum platforms in shallow continental shelf areas are often founded on driven 
piles in calcareous materials (Coop 1990; Golightly and Hyde 1988; Hyodo et al. 1996; Semple 
1988).  In the late eighties during the construction of offshore platforms in the Bass Strait 
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southeast of Australia it was found that the measured skin friction during driving was 
significantly lower than expected (Coop and Airey 2003).  This encouraged research to develop a 
better understanding of the engineering properties of calcareous soils (Golightly and Hyde 1988).  
An international conference was held in Perth, Australia, in March of 1988 entitled Engineering 
for Calcareous Sediments.  This conference contributed considerably to the understanding of the 
properties and behavior of calcareous sands.   
 
The significant papers published, from the conference and other sources, on monotonic behavior 
of calcareous soils are summarized in Table 3-1.  Several points are consistently made 
throughout the literature regarding the monotonic shearing behavior of calcareous soils.  
Generally during drained shear, calcareous sands exhibit more contraction during loading than 
quartzitic sands prepared at similar relative densities (Coop 1990; Datta et al. 1982; Demars and 
Chaney 1982; Golightly and Hyde 1988; Semple 1988).  They generally have greater peak 
strength friction angles, but this strength is not realized until significant strain has occurred.  
These soils are 1.5 to 2 times less stiff when compared to terrigenous soils (Morioka and 
Nicholson 2000).  Some researchers have reported strains as high as 20% before peak strength is 
reached (Sharma and Ismail 2006).  
 
During the 1988 Perth conference, a central theory about calcareous sands was discussed (Coop 
1988; Golightly and Hyde 1988; Kaggwa et al. 1988; Semple 1988), and later formalized in 
more detail by Coop (1990).  This theory corresponds directly with the compressive behavior of 
calcareous materials discussed previously.  Calcareous soils behave exactly as terrigenous soil 
would if the terrigenous soil had the same loose structure.  The nature of the calcareous particles 
creates a soil fabric with a large of void ratio.  It is not the calcareous minerals that govern the 
behavior of calcareous sands.  Rather, it is the bulky soil fabric that governs the behavior.   
 
Coop uses critical state soil mechanics theory in the interpretation of the monotonic behavior of 
calcareous and terrigenous soils (Coop 1990; Coop and Airey 2003).  He states that the location 
of the NCL and critical state line relative to the stress-volume state will control the 
compressibility of the soil (Coop 1990).  Beyond the yield stress, the grain crushing and 
rearrangement mechanism overwhelmingly controls the compression behavior and development 
of volumetric strains.  If the in-situ stress-volume state is close to the NCL, subsequent shear 
stress will bring the mean effective stress beyond the yield stress.   
 
Compression theory of sands plays directly into further discussion of this concept.  Initial 
compression of sand is small and almost entirely recoverable.  The volumetric strain during the 
initial phase is sustained almost entirely by the soil skeleton, with relatively little particle 
crushing and rearrangement.  As the confining stress is increased the particle crushing and 
rearrangement component of the strain gradually becomes more significant.   
 
As stated previously, the yield stress of quartzitic sands is around 10 MPa or 100 tsf (Hyodo et 
al. 1996; Lee and Seed 1967).  This is well beyond typical working stresses in geotechnical 
engineering.  In calcareous sands the yield stress is significantly lower.  Dogs Bay sand is around 
1 MPa or 10 tsf (Coop 1988; Hyodo et al. 1996).  A confining pressure of 1 MPa is within 
typical geotechnical working stresses.  Because typical foundation stresses reach or approach the 
yield stress in calcareous soils the particle crushing and rearrangement mechanisms are 
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significant.  This results in a tendency for contraction during undrained shear.  In quartzitic sand 
the yield stress is not approached and the role of the crushing and rearrangement mechanism is 
not significant.  
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Table 3-1. Summary of static shear studies on calcareous soils 

Year Author(s) Title  Motivation Soil Type Shear Tests Significant Monotonic Shear Findings 

1982 Poulos, H. G. 
Uesugi, M. & 
Young, G. S. 

Strength and 
deformation 
properties of 
Bass Strait 
carbonate 
sands 

Offshore 
Platforms in 
Bass Strait 

- Soil A, a grey sand with 
some silt 
- Soil B, an orange-
colored sand 

CID triaxial 
comp.  

- Increasing confining pressure reduced the friction angle and the 
dilative behavior.  

1988 Airey, D. W. 
Randolph, M. F. & 
Hyden, A. M. 

The strength 
and stiffness 
of two 
calcareous 
sands 

Offshore 
Platforms in 
Bass Strait 

- Kingfish, well graded 
sand 
- Halibut, medium to 
coarse grained sand 

CID triaxial 
comp.  

- Relatively high friction angles. Soils only dilate at low confining 
pressures. 
- Proposed an empirical relationship between the mean effective 
stress and Youngs Modulus (initial stiffness). 

1988 Golightly, C. R. & 
Hyde, A. F. L. 

Some 
fundamental 
properties of 
carbonate 
sands 

Offshore 
Platforms 

- Leighton Buzzard sand, 
quartzitic sand 
- Dog Bay sand, 
molluscan carbonate sand, 
Ireland 
- Ballyconneely sand, a 
coralline algal carbonate 
sand, Ireland 
- Bombay Mix, a marine 
siliceous carbonate sand, 
India 

CID and 
CIU triaxial 
comp.  

- Stress-strain curves for drained tests showed calcareous sand to 
be much less stiff than the quartzitic sand.  Sands contract when 
sheared at relatively low effective confining pressures.   
- Found that friction angle of calcareous sands are greater.  
Increased mineral friction angle component, with some decrease 
in the sliding, crushing, rearrangement component.  (As described 
by Rowe stress dilatancy theory.) 
- Significant early generation of high positive excess pore 
pressure was observed in undrained tests. 

1988 Semple, R. M.  The 
mechanical 
properties of 
carbonate 
soils 

Offshore 
Platforms in 
Bass Strait 

- Several Bioclastic 
calcareous soils from the 
Bass Strait.   

None - Friction angles are greater in calcareous soils.  Revisited 
Golightly’s and Hyde’s discussion of Rowe's stress dilatancy 
theory.  Increased mineral friction with reduced dilatancy due to 
crushing. 
- Restated commonly accepted decreasing friction angle with 
increasing confining pressure.  This change occurs at lower 
confining pressures in calcareous sands. 
- Suggests that it is the void ratio and particle angularity that 
govern the behavior not the carbonate minerals, i.e., if a quartzitic 
sand were tested with the same void ratio as calcareous sands the 
behavior would be comparable.  Detailed discussion/argument for 
this by comparing very loose quartzitic sands to dense calcareous 
sands, equal void ratios.  His argument is not well supported and 
makes no strong conclusions.     
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Year Author(s) Title  Motivation Soil Type Shear Tests Significant Monotonic Shear Findings 

1990 Coop, M. R. The 
mechanics 
of 
uncemented 
carbonate 
sands 

Offshore 
Platforms  

- Dogs Bay calcareous 
sand 

CID, CIU, 
CKoU 
triaxial 
comp.  

- Higher friction angle in calcareous soils.  Greater strains are 
needed to mobilize the frictional strength. 
- High compressibility reduces the horizontal loads negatively 
affecting skin friction in piles.   
- The significance of compressibility to soil strength is dependent 
on the location of the in-situ stress-volume relative to the normal 
compression line.  Coop makes this is an extremely insightful and 
under appreciated point. 

1996 Hyodo, M. 
Aramaki, N. 
Itoh, M. & 
Hyde, A. F. L. 

Cyclic 
strength and 
deformation 
of crushable 
carbonate 
sand 

Liquefaction 
susceptibility 
determination of 
crushable 
calcareous soils 

- Dogs Bay calcareous 
sand 

CIU and 
CAU triaxial 
comp. and 
exten..   
Cyclic CU 
triaxial  

- The analysis of the monotonic results is limited.  A better review 
is included in their following paper. (Hyodo et al. 1998, See 
Below) 
- Identifies the phase transformation point and compares it at 
varied parameters. 
- Hyodo understands and conveys the behavior very well, but 
makes few useful big picture conclusions.    

1998 Hyodo, M. 
Hyde, A. F. L. 
Aramaki, N. & 
Nakata, Y. 

Liquefaction 
of crushable 
soils 

Liquefaction 
susceptibility 
determination of 
crushable soils 

- Ube & Hiroshima 
Masado, weathered 
granite, washed 
- Shirasu, weathered 
Volcanic soil, 35% Non-
Plastic Fines 
- Dogs Bay, Calcareous 
Sand 

CIU triaxial 
comp. and 
exten..   
Cyclic CU 
triaxial  

- When sheared in a dense state crushable soils have stress paths 
which are similar to those of loose sands of a less crushable 
nature. 
- Crushable soils are more dependent on the effective confining 
pressure because these stresses are often beyond the isotropic 
compression yield stress.   
- Identifies the phase transformation point and compares it at 
varied parameters. 

2000 Morioka, B. T. & 
Nicholson, P. G. 

Evaluation 
of the static 
and cyclic 
properties of 
calcareous 
sand in a 
calibration 
chamber 
study 

Liquefaction 
susceptibility 
determination 
using penetration 
tests 

- Ewa Plains Calcareous 
SP, Oahu, Hawaii    
- Monterey Sand 
(Scalped) 

CU triaxial 
comp. and 
cyclic CU 
triaxial  

- Found significantly higher friction angle of calcareous sand at 
several relative densities compared to Monterey Sand.   
- It required twice the strain to mobilize the peak strength in the 
calcareous sand.  This is due to significant contractive tendencies 
of calcareous sands. 
- Found significant fluctuations in deviator and volume change 
data.  Suggests that this is due to particle rearrangement and 
crushing.  (M&N are the first to make a speculation like this.) 
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Year Author(s) Title  Motivation Soil Type Shear Tests Significant Monotonic Shear Findings 

2003 Coop, M. R. & 
Airey, D. W. 

Carbonate 
sands 

General Review - Several Sands 
referenced (Mostly Dogs 
Bay calcareous sand) 

None - Main focus with regard to monotonic shear testing is on critical 
state theory.  States that the CS is not typically reached in triaxial 
testing because tests are usually terminated at 20%.  The true CSL 
is in fact straight and is not curved as frequently assumed.   
- Performs an excellent review of research on calcareous soils, 
with special attention on their basic properties. 
- Limited analysis of monotonic shear of uncemented calcareous 
sands 

2006 Sharma, S. S. & 
Ismail, M. A.  

Monotonic 
and cyclic 
behavior of 
two 
calcareous 
soils of 
different 
origins 

Offshore 
Platforms 
(Monotonic & 
Cyclic) 

- Goodwyn (GW) Fine-
grained, offshore 
calcareous soil. 
- Ledge Point (LP) 
Coastal aeolian 
calcareous sand 

CIU triaxial 
comp., and 
cyclic CU 
triaxial  

- Tested two calcareous soils.  Showed that the soil with weaker 
soil particles, also at a greater void ratio, had significantly more 
excess pore pressure generation. 
- Higher strains are needed to reach the PT in calcareous sands. 
- The friction angle is greater, but high strains are required, more 
than 20%.    

2006 Cataño Arango, J. Stress strain 
behavior 
and dynamic 
properties of 
Cabo Rojo 
calcareous 
sands 

General study of 
calcareous sands 
from Puerto 
Rico.   

- Cabo Rojo, fine to 
medium calcareous 
poorly graded sand  
- South Bend, fine to 
medium silica poorly 
grades sand 

Direct shear 
and CU 
Triaxial 
comp. 

- Calcareous sand is more ductile, higher strains are needed to 
reach peak strength. 
- Calcareous sands are weaker, have a lower deviator stress at 
failure. 
- More compressive, greater development of positive excess pore 
pressure during shear 

References: (Airey et al. 1988; Cataño Arango 2006; Coop 1990; Coop and Airey 2003; Golightly and Hyde 1988; Hyodo et al. 1996; Hyodo et al. 1998; Morioka and 
Nicholson 2000; Poulos et al. 1982; Semple 1988; Sharma and Ismail 2006) 
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3.4. Cyclic Shear Behavior of Sandy Soils 
The following section summarizes the current state of the art on the cyclic/dynamic behavior of 
calcareous sands.  A review is presented with a specific focus on the research conducted using 
cyclic triaxial testing.  A tabulated summary of studies on the dynamic behavior of calcareous 
sands is provided at the end of this section, Table 3-2.   
 
When discussing the use of cyclic triaxial testing to determine the susceptibility of a soil to 
liquefaction, it is important to understand the differences in how the stresses are applied in an 
actual seismic event versus in a cyclic triaxial test.  The way in which dynamic stresses are 
applied to an in-situ soil element has to do with how seismic energy propagates within soil and 
rock.  Seismic energy travels more slowly and dissipates more quickly through soils than when 
traveling though hard rock. Due to this stiffness contrast, path of the waves traveling through the 
stiffer deeper layers is bent to near vertical as they approach the softer near surface deposits.   
   
Seismic energy travels in two forms; compression waves and shear waves.  Shear waves are 
significantly more destructive to soil and structures than compression waves.  As a result, the 
seismic energy that earthquake engineers are most interested in is the result of vertically 
propagating, horizontally polarized shear waves, i.e., shear waves traveling up though the soil 
column shearing parallel to the ground surface.   
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Figure 3-7. Cyclic total stress paths under earthquake and cyclic triaxial loading 
conditions. 
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At a level site underlain by a uniform normally consolidated material, k0 conditions would apply.  
Initial stress conditions of a soil element are shown in stress path space in Figure 3-7, circle (a).  
During a seismic event a pure shear stress is applied.  This changes the diameter of the Mohr’s 
circle.  Constant vertical and horizontal stresses are maintained.  A rotation of the principal 
stresses occurs.   
 
Stress path (b) in Figure 3-7 shows the stress conditions of an isotropic cyclic triaxial test run at 
the same confining pressure and the Cyclic Stress Ratio, CSR.  It is defined as the ratio of the 
cyclic shear stress and the initial effective confining pressure. Because stress conditions in a 
triaxial element are controlled solely by changes in vertical and horizontal normal stresses, zero 
shear stress occurs on the vertical and horizontal planes.  This creates a change in stress 
conditions with no change in the orientation in the principal axes except in the case of principal 
stress reversal.   
 
Because of these critical differences in stress behavior, the cyclic triaxial test should be 
considered an index test and not a representation of the actual stress conditions within the soil 
during a seismic event.  Anisotropic cyclic triaxial testing is sometimes used to better model 
seismic energy than the isotropic cyclic triaxial test.  It should be noted that while the loading in 
stress path space may look similar, the stress path fails to represent the location and rotation in 
principal stresses that occur with seismic loading.  In a triaxial test the maximum shear occurs 
along the 45° plane during compression and the opposing plane during extension.   
 
The cyclic simple shear test can model seismic loading more realistically than the triaxial test.  
For this test a sample is consolidated at true k0 conditions and cyclically loaded in shear on the 
horizontal plane.  This creates similar stress conditions to the in-situ loading during a seismic 
event.   
 
In cyclic triaxial testing studies, shear loading scheme is described as one-way loading or two-
way loading.  The difference lies in whether there is a reversal of the principal stresses (negative 
shear) within each cycle.  If the stress path crosses the horizontal axis there is a reversal in 
principal stresses and is considered a two-way test.  In a one-way test the orientation of principal 
stresses within the sample does not change.  These terms are not just applied to anisotropically 
consolidated samples.  Some researchers consolidate samples isotropically then load the samples 
so that maximum and minimum shear stresses remain positive (Sharma and Ismail 2006).  By 
reversing the principal stresses there is a significant reduction in the cyclic strength (Hyodo et al. 
1998; Sharma and Ismail 2006).   
 
The cyclic behavior of soils and their susceptibility to liquefaction remains a topic still to be 
investigated.  The concept of liquefaction was first introduced by Casagrande in 1936.  The 
pioneering research to investigate liquefaction during earthquakes and to develop a method to 
predict the onset of liquefaction was performed by Seed and Lee (1966) following the 1964 
earthquakes in Alaska and Niigata.  Further research focused on distinguishing between and 
predicting two different types of behavior; liquefaction (flow liquefaction) and cyclic mobility 
(Kramer 1996).  In both cases there is buildup in excess pore water pressure due to contractive 
tendencies of the soil structure when sheared as a result of static or dynamic loading.  Increased 
pore pressure reduces the effective stress and further results in strength loss.     
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Steady-state or critical state theory is used widely in geotechnical engineering to predict soil 
behavior as outlined above.  Steady-state theory suggests that under constant volume conditions 
a sample will tend towards a steady-state effective stress independent of initial effective 
confining pressure.  Loose clean sands under high confining pressure typically will have a 
tendency for contraction coupled with pore pressure increase, under steady-state theory, and may 
liquefy.  Thus loose sands, when loaded cyclically, experience pore pressure increases and lose 
strength.  However, dense sands that have a tendency for dilation can also experience increased 
pore pressures during cyclic loading.  Pore pressures in such soils can increase due to the initial 
contractive behavior of such soils at small strains. Under these conditions of pore pressure 
generation in medium to dense sands, the term cyclic mobility is used.  The practical differences 
of liquefaction and cyclic mobility are explained by Kramer (1996).  One major difference is the 
limited deformations expected during cyclic mobility in contrast to the unlimited flow and 
deformation potential during liquefaction of fully contractive loose sands. During cyclic mobility 
pore pressures can steadily increase in response to cyclic loading but when large deformations 
start taking place the dense sand transforms from its small strain contractive behavior to dilative 
behavior resulting in reduced excess pore pressures and recovered strength.   
 
The stress path is a useful tool in interpreting the loading conditions and soil behavior.  As 
discussed previously, analyzing the stress path of a sample monotonically loaded at the same 
consolidation pressure provides further insight into the cyclic behavior.  The state points defined 
using monotonic testing are theoretically identical to those in observed cyclic testing.   
 
Figure 3-8 shows a schematic of ideal cyclic and monotonic behavior.  Two stress paths are 
shown.  The monotonic stress path follows typical behavior. Furthrmore, initial tendency for 
compression is followed by a tendency for dilation.  This behavior creates an elbow in the stress 
path.  A more pronounced elbow signifies a greater contractive tendency.  The point at which the 
tendency for volume change shifts from contractive to dilative is defined as phase 
transformation.  As discussed previously, the phase transformation is dependent on the void ratio 
and soil type and is independent of confining pressure.  After the phase transformation, the 
monotonic stress path follows the Kf line in the strain-hardening phase of the test.  As the soil is 
strained, it approaches steady-state.  The steady-state line in this p'-q space is very close to the Kf 
line.  
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Figure 3-8. Schematic of cyclic and monotonic stress paths 

 
The idealized cyclic stress path is shown in Figure 3-8.  The cyclic sample is initially 
consolidated to the same point as the monotonic sample and then cyclically loaded under stress-
controlled conditions.  With each cycle, excess pore pressure develops reducing the effective 
stress.  This is expressed as a migration of the stress path from right to left.  Equal shear stress, 
independent of pore water pressure, is applied with each cycle.  Similar to monotonic testing at 
very low confining pressures, the soil initially contracts.  Within a cycle as shear stress increases 
the phase transformation line is crossed.  As indicated earlier, the sample dilates creating an 
increased effective stress state.  The soil follows the failure line up and to the right until the end 
of the compression cycle.  This behavior continues through many cycles producing the 
‘butterfly’ pattern.  Eventually significant disturbance will occur, and the contact pressure 
between soil particles is significantly reduced.  As the sample goes into compression, a collapse 
in the soil skeleton occurs.  The collapse pushes the excess pore pressure up causing the effective 
stress to drop to zero (Alarcon-Guzman et al. 1988).  Seed and Lee (1966) define this point 
where the effective stress first reaches zero as “initial liquefaction”.  As described above, 
medium to dense sands can also experience significant pore pressure increases and cyclic 
mobility.  In these soils, when the stress path approaches the failure envelope the sample dilates, 
inhibiting full liquefaction with unlimited flow potential.   
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Results of liquefaction evaluation studies are presented in different ways.  The most common is 
with a Number of Cycles to Failure versus CSR plot.  CSR is the cyclic stress ratio.  This is the 
ratio of the applied cyclic shear stress to the initial effective confining pressure.  At least three 
tests are run at a range of cyclic stress amplitudes.  Curves can be constructed for each condition; 
density, confining pressure, one-way/two-way shear, an/isotropic consolidation, failure criteria 
and soil type.   
 
The number of cycles to failure is defined in a number of ways.  Failure is defined in this study 
as initial liquefaction.  The cycle in which the pore pressure ratio equals 100% is defined as 
failure.  Failure can also be defined as the cycle in which a double amplitude strain of 5% is 
reached.  Soils that slowly accumulate residual strain during cyclic loading, i.e., dense sands, 
may never reach a pore pressure ratio of 100%.  

3.5. Cyclic Behavior of Calcareous Sands 
Past studies on the cyclic behavior of calcareous sands are limited.  The cyclic behavior of 
calcareous soils was first researched by the petroleum industry for offshore oil platforms.  
During large storms the force of waves impacting the platforms creates a cyclic load.  
Researchers were interested in how foundations in calcareous sands would be affected.  When 
compared to earthquake engineering, the shear stresses on these soils are relatively small.  The 
number of cycles can be significant, in the range of several thousands (Airey et al. 1988; Fahey 
1988; Kaggwa et al. 1988; Sharma and Ismail 2006).  There are a limited number of studies on 
calcareous sands with a focus on earthquake loading.  The most significant earthquake work on 
calcareous soils was performed by Japanese researchers Hyodo et al. (1996; 1998).  Morioka and 
Nicholson (2000) also performed a series of cyclic and monotonic triaxial tests and CPT 
calibration chamber testing.  Table 3-2 is a detailed summary of cyclic studies on calcareous 
soils.  Information is provided on the types of tests perform and the variables tested.    
 
In all cases, studies that have compared the cyclic strength of calcareous sands to quartzitic sands 
have found calcareous sands to be stronger (Hyodo et al. 1996; Hyodo et al. 1998; Kaggwa et al. 
1988; Morioka and Nicholson 2000).  Authors have attributed this to the highly angular nature of 
calcareous sand particles.  This angularity creates a more stable interlocking soil fabric, resistant 
to liquefaction.   



Table 3-2. Summary of cyclic studies on calcareous soils 

Year Author(s) Title  Motivation Soil Type Cementation No. of 
Tests Loading σCON 

(kPa) 
DR 
(%) CSR 

1988 Fahey The response of 
calcareous soil in 
static and cyclic 
triaxial tests 

Offshore platforms in 
Bass Strait 
(Monotonic & 
Cyclic) 

- See Carter et al. (1988) and 
Currie et al. (1988) 
(fine grained material) 

Limited 5 Two-
Way 

unknown n/a 0.05-0.3 

1988 Semple The mechanical 
properties of 
carbonate soils 

Offshore platforms in 
Bass Strait 
(Monotonic & 
Cyclic) 

- Several Bioclastic calcareous 
soils from the Bass Strait.   

None n/a n/a n/a n/a n/a 

1991 Airey & 
Fahey 

Cyclic response of 
calcareous soil 
from the North-
West Shelf of 
Australia 

Offshore platforms in 
Bass Strait (Cyclic) 

-Silts and Sands with essentially 
no cementing (same as tested in 
Fahey 1988) (undisturbed 
samples were tested) 
- moderately cemented 
calcarenite with sand-sized 
particles. (undisturbed samples 
were tested)  

Naturally 
cemented & 
uncemented  

12 (C)
11 

(UC) 

20 Two-
Way  

3 One-
Way 

500 to 
725 (C) 

50 to 215 
(UC) 

n/a 0.05-0.44 
(UC) 

1996 Hyodo, 
Aramaki, 
Itoh & Hyde 

Cyclic strength and 
deformation of 
crushable 
carbonate sand 

Liquefaction 
susceptibility 
determination of 
crushable calcareous 
soils 

- Dogs Bay Calcareous Sand None 13 (I)
20 (A) 

Two-
Way 

100, 300 
& 500 

80 0.17-0.37 
(I) 

0.24-0.50 
(A) 

1998 Hyodo, 
Hyde & 
Aramaki 

Liquefaction of 
crushable soils 

Liquefaction 
susceptibility 
determination of 
crushable soils 

- Ube & Hiroshima Masado, 
weathered granite, washed 
- Shirasu, weathered Volcanic 
soil, 35% Non-Plastic Fines 
- Dogs Bay, Calcareous Sand 

None ~25 
(M) 
~25 
(S) 
25 

(DB) 

Two-
Way 

100, 300 
& 500  
(Dogs 
Bay)  

60 & 
80  

(Dogs 
Bay) 

0.15-0.23 
(60%) 

0.18-0.37 
(80%) 
(Dogs 
Bay) 

2000 Morioka & 
Nicholson 

Evaluation of the 
liquefaction 
potential of 
calcareous sand 

Liquefaction 
susceptibility 
determination using 
CPTs 

- Ewa Plains Calcareous SP, 
Oahu, Hawaii    
- Monterey Sand (Scalped) 

Artificially 
aged and 
uncemented 

~20 
(A, 
NA) 

Two-
Way 

100 40, 50 
& 65 

0.14 to 
0.27      

0.36 to 
0.44 (A) 

2006 Sharma & 
Ismail 

Monotonic and 
cyclic behavior of 
two calcareous 
soils from different 
origins 

Offshore platforms 
(Monotonic & 
Cyclic) 

- Goodwyn (GW) Fine-grained, 
offshore calcareous soil. 
- Ledge Point (LP) Coastal 
aeolian calcareous sand 

None 10 
(GW)

21 
(LP) 

One-
Way & 
Two-
Way 

200 &  
600 

(GW) 
50, 200 
&  600 
(LP) 

75 
(GW)
30 & 

75 
(LP) 

0.38 to 
0.1 (GW) 
1.2 to 0.1 

(LP) 
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Year Author(s) Title  Motivation Soil Type Cementation No. of 
Tests Loading σCON 

(kPa) 
DR 
(%) CSR 

References: (Airey and Fahey 1991; Fahey 1988; Hyodo et al. 1996; Hyodo et al. 1998; Morioka and Nicholson 2000; Semple 1988; Sharma and Ismail 2006) 
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3.6. Case History of In-Situ Liquefaction of Calcareous Sands: Guam Earthquake (1993)  
There are a few documented cases where calcareous sands have shown signs of liquefaction due 
to seismic loading.  One case is the Guam Earthquake of 1993.  This large earthquake occurred 
in August 1993 and caused significant damage attributed to liquefaction throughout the island.  
The damage was most extensive at the U.S. Navy and commercial port facilities where 
hydraulically placed fill was used for construction of wharfs and piers.  There are many other 
highly seismic areas with calcareous soils.  In the United States, these areas include Puerto Rico 
and Hawaii. (EERI 1995)   
 
The Guam earthquake of August 8th, 1993 was of magnitude 8.1 (moment magnitude, MW 7.7).  
The earthquake occurred in the Marianas subduction zone about 60 km south of Agana, Guam, at 
a depth of about 50 km.  The Mariana subduction zone is between the Pacific Plate and the 
Marianas Plate.  The Marianas Plate is a microplate on the eastern edge of the Philippine Plate. 
(Mejia and Yeung 1995)  Both plates are moving in a northwestern direction.  The Pacific Plate 
is traveling faster creating the subduction fault (Vahdani et al. 1994).  Subduction faults have 
associated volcanic features due to the plunging plate.  Guam and the other Mariana Islands are 
these volcanic features (Mejia and Yeung 1995). 
 
The low-lying waterfront areas most damaged by liquefaction consisted of a coralline fills of 
silty sands and gravels.  These are underlain by loose lagoonal and estuarine deposits of soft clay 
and loose coralline silts, sands and gravels (Mejia and Yeung 1995).  These deposits are 
underlain by limestone.  Guam has a considerable amount of volcanic soils.  There is little 
evidence of liquefaction or lateral spreading in these soils.   
 
No ground motion records exist from this earthquake.  The peak ground acceleration, PGA, can 
be estimated using attenuation models.  Mejia and Yeung (1995) performed an attenuation 
analysis using two subduction-zone relationships.  Their estimate for the PGA on hard rock at 
Apra Harbor is between 0.15 and 0.20 g.  There are up to 80 feet of soft clays and loose coral 
sands at this site.  Mejia and Yeung used a PGA of 0.25 g at the ground surface for their analysis 
of Apra Harbor.  Based on the limited damage to “low-rise structures and significant damage to 
some high-rise buildings” Vahdani et al. (1994) estimate the predominate period of the 
earthquake to be between 0.5 and 1.5 seconds. 
 
There was considerable damage to both the naval and commercial port facilities within Apra 
Harbor in Guam.  Liquefaction of hydraulically placed fill and lagoonal deposits below the water 
line caused most of the damage.  These facilities all have similar designs.  The wharfs consist of 
an anchored sheet pile bulkhead wall.  The anchors are either deadmen or sheet piles, and are 
attached to the wall about 8 feet below the ground surface.  A local coralline soil, silty sand and 
gravels, is hydraulically placed behind the wall up to the waterline.  Above the waterline the soil 
is mechanically compacted. (Mejia and Yeung 1995)    
 
A Navy personnel bar called Andy’s Hut was completely destroyed.  This was the result of 
lateral spreading of over 15 feet.  The Mejia & Yeung (1995) report states that the movement 
started after the shaking had stopped.  This delay allowed the estimated 100 people in the 
structure to escape safely.     
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Damage to wharfs within Apra Harbor consisted of lateral movement of the bulkhead wall.  In 
some cases this movement was as much as 3 feet.  This lateral movement caused cracks parallel 
to the wall.  These cracks were as much as 6 inches wide extending 200 feet from the wall.  
Significant settlement also occurred as a result of liquefaction.  This settlement was 24 inches in 
some places.  A passive failure bulge was also observed in front of some of the deadman 
anchors.  (Mejia and Yeung 1995)   
 
Settlements of several inches were observed at the two electric power plants in Piti.  Both 
structures are supported on piles.  The site consisted of 5 to 8 feet of fill over a “medium-dense, 
relatively clean, coral sand layer about 6 feet thick.” (Vahdani et al. 1994)  
 
Mejia and Yeung (1995) were the only researchers to publish an evaluation of Standard 
Penetration Test (SPT) results.  This provided the data to evaluate the applicability of the SPT to 
estimate liquefaction susceptibility of calcareous sands.  There are no other available SPT or 
CPT data on calcareous soil following an earthquake.  Their paper includes the results of 
evaluations of two sets of SPT data.  The first was performed at one of the commercial wharfs 
following the earthquake.  The second was performed at Navy wharfs M and N prior to the 
earthquake.  At wharfs M and N tests were performed in two areas, one at an area of significant 
damage and the other at an area of minimal damage.   
 
Mejia and Yeung’s results are presented in Figures 3-9 and 3-10 taken from their paper.  These 
figures show a threshold required for liquefaction triggering.  This threshold is determined using 
the SPT-based liquefaction evaluation procedure presented by Seed et al. (1985) for a clean 
quartzitic sand.  As is shown in the figures, for the area where minimal damage occurred a 
majority of the test results lie to the right of the threshold.  For the area with significant damage 
occurred a majority of the test results lie below the threshold.  
 
These results are significant for the study of liquefaction in calcareous sands.  This study 
provided SPT results in calcareous sands that have shown to experience liquefaction and no-
liquefaction during the 1993 Guam Earthquake.  The results provide some evidence that the 
current practice of liquefaction susceptibility evaluation can be used in calcareous sands.  Even 
though it cannot be conclusively justified, the results show that the current liquefaction potential 
evaluation procedure developed for quartzitic sands may be applicable for these calcareous soils.  
There is a critical need to verify this with further studies as there are significant port facilities 
constructed of calcareous sands in Hawaii and Puerto Rico both of which are in seismically 
active areas (EERI 1995).   
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Figure 3-9. SPT Blow Counts at Wharves M and N – Damaged area.  From Mejia & Yeung 
(1995) 
 

 
 
Figure 3-10. SPT Blow Counts at Wharves M and N – Area of minimal damage.  From 
Mejia & Yeung (1995) 
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4.  PROPERTIES OF THE TESTED CALCAREOUS SANDS 

 
Calcareous soils are formed as a result of chemical deposition or physical weathering.  During 
chemical deposition, calcium carbonate comes out of solution as a precipitate in sea water.  
Physical weathering breaks down the skeletal remains of marine organisms, such as mollusks, 
foraminifera, corals and algae into sand-sized particles (Coop and Airey 2003).  The sands used 
for this research consist primarily of physically weathered mollusk shells and coral fragments.  
The marine organisms that create the source material for these sands are prevalent in warm, 
shallow tropical and subtropical shelves (Golightly and Hyde 1988).  In the United States these 
areas include Guam, Hawaii, Puerto Rico, and parts of the Gulf Coast (Morioka and Nicholson 
2000).   
 
Due to the nature of their origin, calcareous sand particles have two attributes that cause their 
properties to differ from those of quarzitic soils.  Calcareous sands have significant intra-particle 
void space (Coop and Airey 2003; Datta et al. 1982; Golightly and Hyde 1988; Hyodo et al. 
1996; Hyodo et al. 1998; Nicholson 2006; Sharma and Ismail 2006).  The intra-particle void 
space is created by the particles made of shells that have not been fully broken apart or by corals 
that have cavities within the particle or on the surface.  Photographs of a variety of calcareous 
soil particles are shown in  
Figure 4-1.  The second attribute that affects the behavior of these sands is the angular particle 
shape.  There are a variety of particle shapes encountered in calcareous soils.  Curved flat 
particles come from fragments of small shells.  Hollow tube-shaped particles are the 
exoskeletons of other small mollusks.  A loose, complex interlocking structure is created by 
these angular soil particles.  This in combination with the intra-particle pore space creates a very 
high void ratio.  Void ratio in excess of 1.0 is commonly seen in calcareous soils. (Coop and 
Airey 2003; Datta et al. 1982; Golightly and Hyde 1988; Hyodo et al. 1996; Hyodo et al. 1998; 
Nicholson 2006; Sharma and Ismail 2006) 
 
Engineering properties of calcareous sands vary significantly.  In quartzitic sands most 
engineering properties can be related to the grain size distribution and relative density (Mitchell 
1993).  This is not the case with calcareous sands. (Coop and Airey 2003)  The most significant 
factors affecting engineering properties of calcareous sands are cementation and soil structure.  
The engineering properties of Playa Santa and other calcareous sands are discussed below.   

4.1. Cementation 

Cementation in calcareous soils occurs rapidly, and is a complicated physical and chemical 
process that is not fully understood (Coop and Airey 2003).  Age, confining pressure, water 
temperature and chemistry are important factors in the cementation process (Demars and Chaney 
1982).  Laboratory tests for this study were conducted on remolded samples of uncemented 
Playa Santa sand. 

4.2. Specific Gravity 
In terrigenous soils the specific gravity does not vary significantly.  Typical values range from 
2.6 to 2.7, and are strongly dependant on the mineralogy of the soil particles.  Clays typically 
have a higher specific gravity (approximately 2.70) than quartzitic sands (approximately 2.65) 
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(Mitchell 1993).  The specific gravity of the Playa Santa calcareous sand is 2.75 as determined 
by the ASTM standard specification D854 (2002).  As shown in Table 4-1 the specific gravity of 
calcareous soil varies from 2.70 to 2.85.  The specific gravity of the mineral calcium carbonate 
(CaCO3) is 2.70 (Mitchell 1993).  Table 4-1 also includes grain size distribution metrics and 
index void ratios.   
 

 
 

Figure 4-1. Calcareous Soil Particles (Playa Santa) 
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Table 4-1. Index properties of Playa Santa sand and other calcareous and quartzitic soils.  
(Cataño Arango 2006; Golightly and Hyde 1988; Hyodo et al. 1996; Morioka and 
Nicholson 2000) 
 

SAND GS
a D10 (mm)b CU

c emin
d emax

e

Playa Santa 2.75 0.16 2.75 0.80 1.22

Cabo Rojo 2.86 0.20 1.05 1.34 1.71

Dogs Bay 2.75 0.24 2.06 0.98 1.83

Ballyconeely 2.72 1.00 1.11 1.62 1.98

Bombay Mix 2.80 0.17 2.23 0.75 1.07

Ewa Plains 2.72 0.20 5.05 0.66 1.30

Montereyf 2.63 0.20 4.5 0.33 0.71

Leighton Buzzardf 2.65 0.60 1.48 0.75 0.84
aSpecific Gravity, bSieve size with 10% passing, cUniformity Coefficient, 
dMinimum Void Ratio, eMaximum Void Ratio, fDenotes quartzitic sands  

 

4.3. Index Densities (Max/Min Void Ratio) 
The maximum and minimum void ratios and densities have been established using the ASTM 
standard specifications D4253 and D4254 respectively (ASTM 2006a, 2006b).  Maximum and 
minimum void ratios (emax and emin) for Playa Santa sand are 1.22 and 0.80 respectively.  Table 
4-1 lists the maximum and minimum void ratios for other soils.  As seen, calcareous sands have 
a much higher void ratio than quartzitic sands.   

4.4. Grain Size Distribution 
Grain size distribution of the tested sand was established following ASTM standard specification 
D422 (2002).  The sand tested in this study was initially run through a No. 4 (4.75 mm) sieve to 
remove the larger particles.  The soil was washed through a No. 200 sieve to remove all fines and 
residual salts.  Playa Santa sand has very low fines content, with less than 0.1% passing the No. 
200 sieve.  Grain size distribution of Playa Santa sand is shown in Figure 4-2 with other 
calcareous sands reported in the literature.  The uniformity coefficient for Playa Santa sand is 
2.75.  The Playa Santa sand classifies as a poorly graded sand (SP) according to the Unified Soil 
Classification System.   
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Figure 4-2. Grain size distribution of Playa Santa and other calcareous sands. After (Hyodo 
et al. 1998) (Cataño Arango 2006) (Sharma and Ismail 2006) (Morioka and Nicholson 2000) 
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5.  TESTING PROGRAM & PROCEDURES  

 
Geocomp triaxial testing apparatuses were used for the monotonic and cyclic testing of Playa 
Santa calcareous sand.  A description of the testing program performed and a detailed description 
of the laboratory testing procedures are summarized in the subsequent sections.   

5.1. Triaxial Testing Program 

5.1.1. Monotonic Testing Program 

A total of 17 isotropically consolidated undrained monotonic triaxial tests were performed on 
Playa Santa calcareous sand from Puerto Rico.  The tests are summarized in Table 6-1.  For each 
test, the point of phase transformation is defined from the pore pressure generation behavior.  In 
an effort to understand how the tendency for volume change varies due to changes in relative 
density, a series of tests were performed at a constant confining pressure of 100 kPa with varying 
relative densities; 20%, 30%, 40% and 60%.  Additionally, a series of tests were performed at a 
constant relative density of 20% with varying confining pressures; 75 kPa, 100 kPa, 150 kPa, 
200 kPa, and 300 kPa.   

5.1.2. Cyclic Testing Program 

A total of 13 isotropically consolidated undrained cyclic triaxial tests were performed on Playa 
Santa calcareous sand.  The three significant variables in cyclic triaxial testing are the sample 
density, effective confining pressure, and the applied cyclic shear stress.  The cyclic shear stress 
is normalized by the initial effective confining pressure and expressed as a Cyclic Stress Ratio 
(CSR).   
 
The intent of the testing program is to develop a relationship between the number of cycles to 
liquefaction with respect to the applied CSR.  All tests were performed at a common confining 
pressure of 100 kPa.  Samples were tested at three different relative densities; 20%, 40% and 
60%.  The intent is to show the variation in cyclic strength and pore-pressure generation at 
various relative densities.  Cyclic tests performed for this study are summarized in Table 6-2.          

5.2. Triaxial Sample Preparation Procedure 

5.2.1. Introduction 

The sample preparation and saturation procedures are the same for the monotonic triaxial and 
cyclic triaxial tests.  All samples were prepared using the preparation method commonly known 
as moist tamping.  When using this method each sample is prepared at a specific water content.  
A predetermined mass of moist sand is compacted to a set volume.  The sand mass is calculated 
based on the desired density.  This method eliminates compactive effort from the equation and 
creates a more consistent density from sample to sample.  A technique called undercompaction 
was used for all tests.  Developed by Ladd (1978) and modified by Chan (1985), this technique 
assumes that with the addition and compaction of subsequent lifts the preceding lifts become 
denser.  To account for this, Ladd proposed that each additional lift be placed at a higher density.  
Chan proposed that each lift be placed at a relative density one percentage point higher.  
Following Chan’s recommendation, if a final relative density of 20% is desired and seven lifts 
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are to be used, the first lift would be placed at 17%, followed by lifts at 18%, 19%, 20%, 21%, 
22% and 23%.  This sequence would produce in a uniform final density of 20%.    

5.2.2. Compaction 

The procedure for sample preparation begins with applying vacuum grease to the bottom platen 
and placing the membrane over it.  A split vacuum mold and membrane, with o-rings placed at 
the top and bottom, is positioned over the bottom platen.  Filter paper is used to distribute the 
vacuum throughout the interior surface of the mold.  Once the filter paper is in place, the top of 
the membrane is flipped over the top edge of the mold and a vacuum is applied.  The membrane 
lies smoothly and tightly against the surface of the mold.  Each lift is placed and compacted 
using gauge blocks to measure lift height and a 1.4 inch diameter foot tamper.  The top of the 
final lift is even with the top of the mold.  The top platen is then positioned.  The membrane and 
o-rings are pulled up over the top platen.  The vacuum is taken off the mold and applied to the 
sample via the top platen; the house vacuum is typically at about 15 in Hg (-50 kPa).  The mold 
is removed and the sample height and diameter are measured.  Thee height measurements are 
taken using a machinist scale to the nearest 64th of an inch.  The diameter is measured in three 
places using a pi-tape to the nearest 1000th of an inch.  The diameter is corrected to account for 
the thickness of the membrane, 0.025 inches total.  All samples were prepared with approximate 
height and diameter dimensions of 6" x 2.8" (152 x 71 mm).     

5.2.3. Sample Flushing  

Because calcareous sand has a large void space, the sample pre-saturation and saturation phases 
are critical.  Some researchers take an additional step to ensure saturation in calcareous soils 
(Golightly and Hyde 1988; Hyodo et al. 1996).  This includes leaving the uncompacted soil in 
water under a vacuum overnight.  Satisfactory results have been achieved without taking this 
step.  Pre-saturation consists of three steps; flushing the sample with CO2, flushing with deaired 
water and then flushing all water lines.  After the cell is filled and pressurized to 30 kPa, the 
sample is flushed with CO2.  The regulator on the CO2 tank is opened and pressure adjusted.  The 
hose is then attached to the bottom platen and the valve opened.  The vacuum is removed leaving 
the valve open to the atmosphere.  CO2 is allowed to freely flow through the sample for 5 
minutes.  The vacuum line is reattached and the CO2 line is removed.  A deaired water supply 
line is attached to the bottom platen with about 1.5 meters of water head.  Water is allowed to 
flow/sucked through the sample using the house vacuum.  After roughly a liter of water is 
collected the vacuum and deaired water supply are removed.  A sample pressure of 15 kPa is 
applied and all lines are flushed.  The saturation phase is then started. 

5.2.4. Saturation 

Because sands have high permeability, the saturation phase can be quick.  However, it has been 
the author’s experience that the saturation of calcareous sand is not as easy as the saturation of 
quartzitic sands.  More time and attention is necessary, most likely due to the large intra-particle 
void structure in this type of sand.  The Geocomp system uses a stair step procedure for 
saturation.  The cell pressure is increased every 10 min by 50 kPa.  A minimum back pressure of 
500 kPa was used for most tests.  Skempton’s pore-pressure parameter B of 0.97 was targeted as 
a minimum limit to ensure saturation for all the tests (Skempton 1954).   
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5.3. Monotonic Shear Procedures 

5.3.1. Description of Monotonic Apparatus 

Monotonic triaxial testing was performed using the Geocomp LoadTrac II/FlowTrac II system.  
This is a fully automatic apparatus used for performing all types of monotonic triaxial tests.  This 
same equipment can be used to run an array of geotechnical tests.  The system consists of a 
loading frame, two flow pumps and a computer with a system card.  Vertical loading is 
controlled by a high speed, microstepper motor within the loading frame.  The pressure and 
volume control of the cell and sample are controlled by two FlowTrac II piston pumps.  The 
pump is controlled by a high speed, mircostepper motor.  Sample volume change is determined 
by tracking the step count for the piston pumps.   The cell that was used for all tests is 
manufactured by Geotac.  The top and bottom end platens have two drain lines.  During all 
phases of testing a hose connects the top and bottom platens to maintain a consistent pressure.  
(Geocomp 2002a; Geocomp 2002b)   

5.3.2. Monotonic Shear Procedures 

Following the saturation phase, a confining pressure is placed on the sample; typically 100 kPa.  
The consolidation phase of a triaxial test in calcareous sands is very quick due the high 
permeability of the material.  The consolidation time varied from sample to sample.  All samples 
were allowed to consolidate for at least one hour, while some were left for more than 24 hours.   
 
After the sample is allowed to consolidate, the shear phase of the test is started.  All tests were 
performed undrained.  Cell pressure is continually measured and maintained.  All monotonic 
testing is strain-controlled. The ASTM D4767 for consolidated undrained (CU) triaxial testing 
recommends that the rate of strain used in CU triaxial testing be determined based on the 
permeability or rate of consolidation of the material being tested (2004).  The calcareous sand 
investigated in this study has trace amount of fines and has a high permeability.  All tests were 
run at the highest recommended rate of strain of 0.1 %/min.  The shearing was terminated at 25% 
strain or when the maximum load was reached on the load cell.   

5.3.3. Monotonic Data Reduction 

An area correction was made for all tests.  The correction is made by dividing the initial area by 
the axial strain plus one.  This correction is recommended by ASTM D4767, and assumes the 
sample maintains a cylindrical shape (2004).  One pound of frictional resistance is also assumed 
in all vertical loads, this corresponds to about 1.1 kPa of stress on the sample.  The following 
plots have been prepared for each test and are included in Appendix I; deviator stress vs. strain, 
excess pore-pressure vs. strain, effective vertical and effect horizontal stress vs. strain, and MIT 
style total and effective stress paths.  Detailed data reduction calculations can be found in the 
ASTM D4767 specification (2004).     

5.4. Cyclic Test Procedures 

5.4.1. Description of the Cyclic Triaxial Testing Apparatus 

The cyclic triaxial testing system is manufactured by Geocomp.  The system is based on the 
Geocomp monotonic triaxial system with additional components for cyclic loading.  The system 
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consists of the LoadTrac II load frame and two piston pumps to apply and measure cell and 
sample pressures.  All static vertical loading is applied by the stepper motor at the base of the 
load frame.  Cyclic loading is performed by a hydraulic cylinder coupled with a servo control 
valve and a hydraulic actuator driven by a 2.5 gpm/3000 psi hydraulic pump.  The hydraulic 
cylinder applies the load from above of the cell.  The cylinder is attached to the top of the 
loading frame.  A second set of sample and cell pressure transducers that connect directly to the 
cell are used during the cyclic phase of testing. (Geocomp 2007)  
 

 
 

Figure 5-1.  Cyclic Triaxial System (Geocomp 2007) 
 

5.4.2. Cyclic Shearing Procedure 

The test procedures for the cyclic test are identical to the monotonic test through the end of the 
consolidation phase.  Following consolidation a cyclic stress is applied under stress controlled 
conditions.  The cyclic phase is started by first powering the hydraulic pump.  The initial position 
of the hydraulic cylinder is fully retracted.  Because the sample is loaded in compression and 
extension during the cyclic phase of testing the cylinder must be able to act in both directions.  
The system centers the cylinder by lowering the base as the servo controls the hydraulic cylinder 
to maintain a constant load on the sample.  After the hydraulic cylinder is centered, cyclic 
loading commences.  After a minimum of 5% accumulated axial strain is achieved the test is 
terminated.     

5.4.3. Cyclic Data Reduction 

The basic reduction of the cyclic data is exactly the same as the reduction of the monotonic data.  
Because strains are very small no area correction has been made.  A deviator stress is 
determined, excess pore water pressure and effective stress is calculated.  An additional step in 
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data reduction is necessary for the cyclic test data.  This step consists of several refinements to 
make the data presentable for interpretation, and include; (1) filtering, (2) applying a phase shift 
to the cell and sample pressures, and (3) adjusting the offsets or zeros for the sample pressure, 
cell pressures, and vertical load.  A detailed description of this data reduction and refinement is 
included in APPENDIX III.   
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6.  RESULTS AND ANALYSIS 

 

6.1. Monotonic Triaxial Testing 
A total of 17 monotonic isotropically consolidated undrained triaxial tests were performed at 
varied densities and confining pressures.  These tests are summarized in Table 6-1.  For each test 
two plots were prepared to present the results.  Results for Test MCU07 are provided in this 
section for discussion in Figures 6-1 and 6-2.  The figures for other tests are provided in 
Appendix I.   
 

Table 6-1.  Summary of Monotonic Triaxial Tests 
 

p' q ε PSR+

(%) (kPa) (kPa) (kPa) (kPa) (%)
MCU01 0 (-3.2)† 150 1.234 155 1.03 n/a n/a n/a n/a

MCU02 0 (4.1) 150 1.203 155 1.03 n/a n/a n/a n/a

MCU03 0 (5.0) 150 1.199 153 1.02 n/a n/a n/a n/a

MCU04 10 (12.8) 150 1.167 109 0.73 109 68 5.35 4.36

MCU05 20 (21.6) 75 1.130 45 0.60 77 47 1.96 4.10

MCU06 20 (18.6) 100 1.143 60 0.60 100 62 2.21 4.19

MCU07 20 (17.9) 200 1.145 117 0.59 185 112 2.82 4.04

MCU08 20 (21.7) 300 1.129 194 0.65 271 166 3.05 4.17

MCU09 30 (33.7) 75 1.079 44 0.59 78 47 1.59 4.01

MCU10 30 (26.8) 100 1.108 55 0.55 109 64 1.30 3.84

MCU11 40 (43.2) 100 1.039 45 0.45 128 76 0.66 3.96

MCU12 40 (40.5) 100 1.051 43 0.43 139 83 1.14 3.95

MCU13 40 (35.4) 150 1.072 88 0.59 155 94 1.99 4.03

MCU14 40 (42.2) 200 1.044 103 0.51 241 148 1.35 4.21

MCU15 50 (53.4) 300 0.997 185 0.62 315 195 1.90 4.27

MCU16 50 (46.9) 300 1.024 179 0.60 322 201 1.75 4.33

MCU17 60 (58.3) 100 0.976 39 0.39 142 83 0.53 3.85
  † Rounded final relative density (actual final relative density)
  * Maximun Pore-Pressure Ratio
  + Principal Stress Ratio at phase transformation

Dr
Phase Transformation

Test No. σCON e ΔuMAX rUMAX*

 
 
The test MCU07 was performed on a sample with a target relative density of 20%.  Initial 
relative density or initial void ratio is determined from height and diameter measurements 
following compaction.  The final sample volume, as determined from the measured volume 
change during consolidation, is used to calculate the final relative density.  The final relative 
density of sample MCU07 is 17.9%.  For categorization and referencing, the relative density has 
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been rounded to the nearest 10 percent for this sample.  In this report the actual final relative 
density will often follow the rounded final relative density in parentheses.  This sample was 
consolidated to an effective confining pressure of 200 kPa.  Figure 6-1 shows the monotonic 
stress path using the MIT convention for the stress invariants (p' and q).  The value of p' is equal 
to (σ'1+σ'3)/2.  The value of q is equal to the maximum shear stress, σd/2 or (σ'1-σ'3)/2.  Both the 
effective stress path and total stress path are shown.  The point of phase transformation and 
corresponding phase transformation line are referenced.  Additionally, in Figure 6-2, three plots 
have been provided in a combined figure.  It shows the behavior of four parameters with respect 
to strain; deviator stress (σd), vertical effective stress (σv'), horizontal effective stress (σh') and 
excess pore-pressure (Δu).  The rounded final relative density and confining pressure are also 
shown in the figure.  These figures show the typical behavior of these sands.  An initial tendency 
for contraction is followed by dilative behavior as indicated by the point of phase transformation.   
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Figure 6-1.  Stress Path - Test MCU07 
 

6.1.1. Significance of Relative Density 

As discussed earlier, the density or void ratio is the major factor determining how a sand will 
behave during shear.  In the following a series tests are presented to show how the void ratio 
affects the soil behavior of Playa Santa calcareous sand during shear.  This series consists of four 
tests (MCU06, MCU10, MCU11 and MCU17) all consolidated under an initial confining 
pressure of 100 kPa.  Relative densities of the samples following consolidation are as follows; 
19%, 27%, 43% and 58%.   
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Figure 6-2.  Strain Plot - Test MCU07 
 
Three figures have been prepared to present the soil behavior under shear at varied densities.  
Figure 6-3 shows the deviatoric stress (σd) plotted versus the axial strain (εa). Figure 6-4 shows 
the excess pore water pressure (Δu) plotted versus the axial strain and Figure 6-5 shows the 
effective stress paths for each test.  The sample’s initial stiffness and the contractive tendency 
during shear are significant.  As Figure 6-3 shows, at low strains the soil is very stiff followed by 
a softening a higher strains.  For the 19%, 27%, 43% and 58% samples a modulus of initial 
stiffness of 32.6, 30.1, 61.1 and 59.5 MPa, are measured.  As expected, initial stiffness generally 
increases with sample density.  These values correspond well with other published values for 
calcareous sands (Cataño Arango 2006).  This residual stiffness is maintained through the end of 
the test.     
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Figure 6-3. Deviator stress versus axial strain at varied relative densities 

 – Test No. MCU06, MCU10, MCU11 & MCU17 
 
The excess pore-pressure is plotted versus axial strain in Figure 6-4.  An increase in pore-
pressure shows a contractive tendency.  In all cases an initial tendency for contraction is 
followed by a partial tendency for dilation then subsequent full dilation.  Contractive behavior 
can be quantified using several metrics.  These include maximum excess pore pressure, strain at 
the point of phase transformation and strain at zero excess pore-pressure.  All metrics show that 
with decreasing density, Playa Santa calcareous sand has a greater tendency for contraction.  As 
seen in the figure, more strain is necessary to reach the phase transformation point in looser 
samples.  This behavior can also be observed in the stress paths for each test, Figure 6-5.  
Contractive behavior is expressed in a stress path, independent of strain, through a more defined 
elbow.  Additionally, these tests have shown that the angle of phase transformation, principal 
stress ratio of PT, is independent of density.  Hyodo et al. also reported that these values are 
independent (1998).  Phase transformation data is presented in Table 6-1.      
 
Sands at higher void ratios exhibit a larger contractive tendency.  This behavior is explained by 
the steady-state theory.  At a high void ratio the soil structure is loose and fragile.  Shearing 
disturbs the soil structure and the soil grains tend to rearrange to a denser state of packing.  At 
greater densities the initial state of packing is efficient.  Initially there is a contractive tendency 
driving the pore-pressure up.  Under additional strain the particles are forced to roll over one 
another.  This rolling induces a tendency for dilation reducing the pore pressure.  
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Figure 6-4. Excess pore-pressure versus axial strain at varied relative  
– Test No. MCU06, MCU10, MCU11 & MCU17 

 

6.1.2. Significance of Confining Pressure 

One factor affecting the behavior of a soil under shear is the initial effective confining pressure.  
A series of tests were completed to identify how altering the confining pressure and maintaining 
a constant void ratio affects the behavior.  Four tests were performed at a relative density of 
about 20%; MCU05, MCU06, MCU07 & MCU08.  The tests are run at different confining 
pressures; 75kPa, 100kPa, 200kPa & 300kPa, respectively.   
 
The effective stress path for each test is presented in Figure 6-6.  Each sample is initially 
isotropically consolidated and then sheared under undrained conditions.  All samples have an 
initial contractive tendency followed by a tendency for dilation.  Two of the four samples fully 
dilated with negative excess pore-pressure by the end of the test.  This figure shows that the 
principal stress ratio at phase transformation is about equal in all tests.  A phase transformation 
line through the four points is very well defined.  The behavior of these four samples show 
typical behavior for sands sheared under undrained conditions.  Initial contractive tendency is 
followed by a phase transformation.  As the sample approaches the Kf line, further tendency for 
dilation occurs.     
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Figure 6-5. Stress Path at varied relative densities – Test No. MCU06, MCU10, MCU11 & 
MCU17 
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Figure 6-6. Stress Paths at varyied confining pressure  
–  MCU05, MCU06, MCU07 & MCU08 
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The deviator stress is plotted versus the axial strain in Figure 6-7 below.  With increased 
confining pressure the calcareous soil is capable of sustaining increased shear stress.  An initial 
stiff portion of the stress-strain curve is followed by a relatively softer response.  The initial 
stiffness modulus for the 75kPa, 100kPa, 200kPa and 300kPa test is equal to 28.0MPa, 30.2MPa, 
38.0MPa and 57.1MPa, respectively.  These tests show an increased stiffness with increasing 
confining pressure.  More tests are necessary to define a trend. Similarly Figure 6-8 shows the 
development of excess pore water pressure during these tests. 
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Figure 6-7. Deviator stress versus axial strain at varied confining pressure – MCU05, 
MCU06, MCU07 & MCU08 

 
An increase in contractive tendency is observed by normalizing the data with respect to the 
confining pressure.  The normalized stress paths are presented in Figure 6-9.  With increased 
confining pressure the elbow in the stress path becomes more exaggerated. Figures 6-10 and 6-
11 show the normalized deviator stress and excess pore-pressure plots respectively.  Increased 
confining pressure increases the contractive tendency in sands.  This behavior is explained in 
steady-state theory.  Under these conditions both samples have the same volume and the soil 
structure.  At higher confining pressures the propensity for the grains to slip into a more dense 
packing is greater.  At lower confining pressures instead of slipping into a more dense packing 
the soil particles will roll over one another causing a tendency for dilation.  These mechanisms 
are not mutually exclusive.  The soil particles will, under shear, roll over one another while at the 
same time slip and settle into a denser packing (Coop et al. 2004).     
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Figure 6-8. Excess pore-pressure versus axial strain at varied confining pressures  
–  MCU05, MCU06, MCU07 & MCU08 
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Figure 6-9. Normalized Stress Paths at varied confining pressures –  MCU05, MCU06, 
MCU07 & MCU08 
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Figure 6-10.  Normalized deviator stress versus strain at varied confining pressures  
–  MCU05, MCU06, MCU07 & MCU08 
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Figure 6-11. Normalized excess pore-pressure vs. strain at varied confining pressures –  

MCU05, MCU06, MCU07 & MCU08 
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6.1.3. Flow Liquefaction under Monotonic Loading 

In some cases full dilation is achieved (negative Δu), in others only partial dilation is achieved.  
Of the 17 tests preformed, all but three had an initial tendency for contraction followed by a 
tendency for dilation.  Three tests did not have any dilative tendency and were completely 
contractive throughout the test.  These samples exhibited a flow-type liquefaction failure.  All 
three tests were performed at a relative density of about 0% and confining pressure of 150kPa.  
The results of Test MCU02 are provided below in Figures 6-12 and 6-13.  Once the effective 
stress reaches zero the soil is essentially a liquid and cannot sustain any shear stress.   
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Figure 6-12  Stress Path - Test MCU02 
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Figure 6-13.  Strain Plot - Test MCU02 

6.2. Cyclic Triaxial Tests  
A total of 13 isotropically consolidated undrained cyclic triaxial tests were performed at varying 
densities at a confining pressure of 100 kPa.  These tests are summarized in Table 6-2.  CSR is 
defined as one half the applied maximum deviatoric stress divided by the initial confining 
pressure (CSR = σd/(2 σCON)).  Every cyclic test performed for this study is initially isotropically 
consolidated and vertically loaded under stress controlled conditions at a period of 2 sec 
(frequency of 0.5 Hz).  An equal load is applied with each cycle.  For each test 4 figures are 
prepared to present the results.  The figures for Test CTX07 are provided in this section for 
discussion; Figures 6-14, 6-15, 6-16 and 6-17.  The rest of the figures for all tests are provided in 
APPENDIX II.   
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Table 6-2.  Summary of Cyclic Triaxial Tests 
 

Test No. Dr σCON e CSR

(%) (kPa) (rU = 1)* (ε > 5%)+

CTX01 20 (21.7)† 100 1.129 0.10 36 40
CTX02 20 (22.0) 100 1.128 0.15 8 11
CTX03 20 (23.6) 100 1.126 0.20 5 7
CTX04 20 (23.1) 100 1.123 0.15 29 31
CTX05 20 (23.2) 100 1.123 0.13 13 17
CTX06 40 (38.4) 100 1.059 0.25 3 4
CTX07 40 (41.3) 100 1.047 0.20 11 13
CTX08 40 (42.6) 100 1.042 0.15 23 26
CTX09 60 (55.4) 100 0.988 0.30 8 9
CTX10 60 (56.6) 100 0.983 0.35 7 9
CTX11 60 (56.8) 100 0.982 0.32 7 9
CTX12 60 (57.8) 100 0.978 0.30 11 14
CTX13 60 (58.9) 100 0.974 0.25 38 42

† Rounded final relative density (actual final relative density)
* Pore-pressure ratio equal to 1 (initial liquefaction)
+ 5% Accumulated axial strain

No. of Cycles to 
Failure

 
 
Test sample CTX07 had a target relative density of 40%.  The actual final relative density after 
consolidation was 41.3%.  The sample was isotropically consolidated to an effective confining 
pressure of 100 kPa.  The first figure, Figure 6-14, is the effective stress path in response to 
cyclic loading.  The phase transformation line, as determined from the monotonic tests of the 
same density, is shown for reference.  The second figure, Figure 6-15, is a plot of the axial strain 
versus the applied deviator stress showing the hysteresis loops during cyclic loading.  The cyclic 
strain increases with increased number of cycles.  The third figure is the pore-pressure ratio (rU) 
plot, Figure 6-16.  Pore-pressure ratio is defined as the ratio of excess pore-pressure to initial 
effective confining pressure (rU=Δu/σ′CON).  Included in this plot is the residual pore-pressure, 
defined as the pore-pressure at zero deviator stress.  A distinction has been made for the points of 
zero deviatoric stress. The first is the pore-pressure at the transition from compression to 
extension (End of Compression, i.e., the point of zero deviatoric stress at the end of the 
compression cycle when the compressive load is totally removed).  The second is the transition 
from extension to compression (End of Extension).  Therefore two separate lines have been 
plotted to connect each set of points.  Additionally, five plots have been provided in a combined 
figure, Figure 6-17.  These plots show the behavior of several parameters with respect to the 
number of cycles.  Five parameters are plotted: deviator stress (σd), vertical effective stress (σV′), 
horizontal effective stress (σh′), excess pore-pressure (Δu) and axial strain (εa).   
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Figure 6-14. Stress Path – CTX07 
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Figure 6-15 Strain vs. Deviator stress– Test CTX07 
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Figure 6-16. Pore-pressure ratio with residual pore-pressure – Test CTX07 
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Figure 6-17. Cyclic Parameters – Test CTX07 
 
Every cyclic test performed for this study is initially isotropically consolidated and vertically 
loaded under stress controlled conditions at a period of 2 sec (frequency of 0.5 Hz).  An equal 
load is applied with each cycle.  As the sample is cyclically loaded residual excess pore-pressure 
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is accumulated until the pore-pressure ratio is equal to unity.  In the case of flow liquefaction 
there will be a final large increased in the pore-pressure ratio.  At this point the soil has lost shear 
strength and strained significantly.   

6.2.1. Contractive vs. Dilative Behavior 

A phase transformation line has been determined for each relative density using the 
corresponding monotonic triaxial tests. As shown in Figure 6-18 by plotting the PT line for this 
density along with the cyclic stress path, it is evident that a similar behavior is occurring during 
cyclic loading as is occurring during monotonic loading.  The behavior of the sample when the 
stress path crosses the PT line is of significance in terms of dynamic behavior.  The stress path 
will either move up the line (dilative tendency) or down the line (contractive tendency).  The 
extent to which this behavior occurs defines the difference between flow liquefaction (total 
strength loss) and cyclic mobility (some strength gain).  The cyclic stress path for tests CTX02 
(DR=20%) and CTX12 (DR=60%) are shown below, Figures 6-18 and 6-19.  In test CTX12 when 
the stress path approaches the Kf line, which is not shown, there is a significant tendency for 
dilation, reducing pore-pressure. 
 
Shear strength of the soil is increased with increased effective confining pressure.  In test CTX02 
as the stress path approaches the Kf line there is a contractive tendency.  This forces the stress 
path down the Kf line towards liquefaction. Comparison of these tests and their respective 
behaviors near phase transformation line (PT) indicates the difference between cyclic mobility 
and flow liquefaction.  In flow liquefaction there is an associated jump in the pore-pressure ratio 
as the stress path plunges towards the origin.  In cyclic mobility the pore-pressure builds steadily 
until a pore-pressure ratio of unity is achieved.  The residual and cyclic strains build steadily 
causing liquefaction.  Test CTX02 fails due to flow liquefaction and test CTX12 experiences 
cyclic mobility.  As a result of this behavior, the denser sample is able to sustain a relatively 
larger load.  A portion of the generated excess pore-pressure is recovered at each cycle.  The 
pore pressure in the looser sample continually increases.  The sample with relative density of 
60% makes several crossings with the PT line each resulting in an upward bend of the stress path 
indicating the dilative tendency.  
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Figure 6-18. Stress Path – CTX02 
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Figure 6-19. Stress Path – CTX07 
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6.2.2. Pore-Pressure Generation 

As discussed in the previous section pore-pressure generation is very important when evaluating 
liquefaction susceptibility.  The pore-pressure generation response during cyclic loading is 
indicative of the liquefaction susceptibility.  Contractive or loose soils will steadily gain pore-
pressure which brings the stress path to the left.  As the stress path approaches the Kf line the 
sample will have contractive tendencies.  This contraction forces the stress path down towards 
the origin, creating a jump in pore-pressure at failure.  In dilative or dense soils the pore-pressure 
steadily builds throughout loading.  As the Kf line is approached the soil dilates drawing the 
stress path up the Kf line.  This behavior hinders liquefaction.   
 
This study indicates that there is a distinct difference in the dynamic behavior at each relative 
density tested.  In the 20% samples as the stress path approaches the Kf line, the sample contracts 
and experiences liquefaction.  The 60% samples have more of a dilative tendency.  When the 
stress path reaches the Kf line the sample dilates preventing liquefaction.  The tests prepared at 
40% have a behavior somewhere in between.  These differences are very well represented by 
looking at the stress paths from tests CTX02 (20%), CTX07 (40%) and CTX12 (60%); Figures 
6-18, 6-19 and 6-20. 
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Figure 6-20. Stress Path – CTX12 
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This behavior can also be observed by looking at the pore-pressure generation with a normalized 
number of cycles.  In Figure 6-21 the residual pore-pressure ratios for three tests have been 
plotted versus a normalized number of cycles.  The CSR for the 20%, 40% and 60% tests shown 
are 0.15, 0.15 and 0.30, respectively.  For simplification only the residual pore-pressure ratio at 
the end of compression has been presented.  The number of cycles are normalized with respect to 
the number of cycles to failure, rU=100%.  The samples at relative densities of 20% and 40% fail 
in flow liquefaction.  Steady increase in pore-pressure followed by a jump to a pore-pressure 
ratio equal to 100%.  The 60% relative density sample has a steadily building pore-pressure ratio 
throughout the test.  This behavior is an example of cyclic mobility.   
 
Lee and Albeisa (1974) created a standard pore-pressure generation curve for cyclic testing of 
soils.  The upper and lower bounds are shown in Figure 6-21.  The pore-pressure generation of 
the calcareous soils is very similar to the behavior of the quartzitic soils.  Figures 6-22, 6-23 and 
6-24 all show the residual pore-pressure curves for the tests run at 20%, 40% and 60% relative 
density.  Lee and Albeisa’s curves for upper and lower ranges are provided for reference.    
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Figure 6-21. Typical Dr = 20%, 40% and 60% normalized residual pore-pressure 
generation curves with upper and lower bounds shown (Lee and Albeisa 1974) – CTX04, 
CTX08 & CTX12 
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Figure 6-22.  Normalized residual pore-pressure generation curves for samples at 20% 
relative density with upper and lower bounds shown (Lee and Albeisa 1974) 
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Figure 6-23. Normalized residual pore-pressure generation curves for samples at 40% 
relative density with upper and lower bounds shown (Lee and Albeisa 1974) 
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Figure 6-24.  Normalized residual pore-pressure generation curves for samples at 60% 
relative density with upper and lower bounds shown (Lee and Albeisa 1974)    

 

6.2.3. No. of Cycles to Failure vs. CSR Plot  

Of particular interest is the number of cycles to failure versus the applied cyclic stress ratio 
(CSR).  This provides a standard for comparison with other studies.  While the triaxial test does 
not model actual dynamic earthquake stress states, it does provide an index for comparison.  
Typically a curve is produced for each set of variables.  These include relative density, confining 
pressure, isotropic/anisotropic consolidation, and one-way/two-way cyclic shear.  While the 
applied cyclic stress is normalized by the confining pressure it cannot necessarily be assumed 
that the behavior would be similar as the confining pressure is varied.  In this study all cyclic 
tests have been performed at the same confining pressure, are isotropically consolidated and are 
run with two-way cyclic shear.  A total of three curves, one at each relative density, are produced 
from these results.   
 
Several CSR plots were prepared from the results of this study.  Failure is defined as being the 
cycle during which the sample reaches a pore-pressure ratio of 100%.  CSR is defined as one half 
the applied maximum deviatoric stress divided by the initial confining pressure.  Between 3 and 
5 tests are run at each relative density over a range of CSRs.  A logarithmic best fit line has been 
added with each data set to show the general trend. Figures 6-25, 6-26 and 6-27 present the 
results of 20%, 40% and 60%, respectively.  These figures are shown with an arithmetic scale. 
Figure 6-28 shows all the data on a logarithmic scale. 
 
These results show the expected trend of increased resistance to liquefaction with increased 
density.  The difference in CSR necessary to fail a 40% and 20% sample is small compared with 
the difference in CSR between a 60% and 40%.  Both the 20% and 40% tests failed due to flow 



 

 62

liquefaction; where the 60% samples all failed exhibiting to cyclic mobility.  Generally the 
results are consistent and form a line.  Test CTX04, DR=20% and CSR=0.15, is uncharacteristic 
of the trend in the results.  It has been shown on the figures, but is not used to from the best fit 
line.  Presented additionally are results for Monterey Sand by Morioka and Nicholson (2000).  
This quartzitic sand was compacted to a relative density of 65%. It can be seen that the 
liquefaction resistance curve (number of cycles to liquefaction vs. CSR) for this sand at relative 
density of 65% is about the same as the Dr = 20% curve of Playa Santa sand that was used in this 
study.  As a comparison the liquefaction resistance curve for the Dr = 60% Playa Santa sand lies 
well above the 65% curve for Monterey sand. 
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Figure 6-25. 20% Relative Density – Arithmetic CSR Plot 
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Figure 6-26. 40% Relative Density – Arithmetic CSR Plot 
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Figure 6-27. 60% Relative Density – Arithmetic CSR Plot 
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Figure 6-28. CSR Plot (20%, 40%, 60%) (Monterey 65% data from Morioka and 
Nicholson 2000)  
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7.  SUMMARY & CONCLUSIONS 

A series of monotonic and cyclic triaxial tests were performed to investigate the behavior of 
Playa Santa calcareous sand under undrained loading conditions.  These tests were performed 
with remolded samples prepared at a variety of relative densities.  Of particular interest were the 
pore pressure generation behavior and the subsequent liquefaction resistance curves for the Playa 
Santa calcareous sand. 
 
In general, sands that have greater tendency for contraction are more susceptible to liquefaction.  
Calcareous soils have a large void ratio due to the intra-granular voids within the particles and 
are well known for being more compressible than terrigenous soil.  Therefore, we had initially 
thought that this compressible soil skeleton of calcareous soils would result in a more contractive 
soil matrix and thus result in calcareous sands being more susceptible to liquefaction than 
quartzitic soils.  This research and others has found that this is not the case.   
 
The test results summarized above indicate that Playa Santa calcareous sand has greater cyclic 
strength and is less susceptible to liquefaction when compared to quartzitic sands.  This has also 
been the conclusion of many other studies on calcareous soils.  Increased cyclic strength is likely 
the result of the angular calcareous sand particle shape (Hyodo et al. 1996; Hyodo et al. 1998; 
Kaggwa and Poulos 1990; Morioka and Nicholson 2000; Sharma and Ismail 2006).   

7.1. Implications for Design Practice 
More research is necessary for a definitive statement regarding the appropriate design practice 
for the assessment of the liquefaction susceptibility of calcareous sands.  Current state of practice 
for the assessment of the liquefaction susceptibility of soils is based on correlations from 
penetration tests.  These correlations based on field tests and case histories of earthquake 
performance are from sites that are predominantly composed of quartzitic sands.  Due to 
excessive particle crushing in calcareous sands, penetration tests can be unreliable and it is likely 
that these empirical correlations would estimate a lower relative density than actual.  If this 
relative density were assumed to be correct any subsequent design would be conservative.  
Furthermore, at a given relative density calcareous sands tend to have greater cyclic strength than 
quartzitic sands adding more conservatism to the design.  These two features create the situation 
that when penetration tests are used for design in calcareous sands the result will be, in general, 
highly conservative. 

7.2. Further Research 
It is of practical significance to better correlate the penetration test results, i.e., SPT and CPT, to 
potential for liquefaction of calcareous soils.  Correlations currently used, are for quartzitic sands 
and may not be applicable to calcareous soils.  Better correlations would enable practicing 
engineers to create more realistic and economically feasible designs with regard to predicting a 
soil’s liquefaction potential.  While more case histories of earthquake performance at calcareous 
sand sites will enhance our understanding of the liquefaction potential of these soils, it may be 
necessary to perform calibration chamber tests to further study the penetration resistance 
correlations of these soils.  Such tests coupled with full scale dynamic load tests, i.e., VibroSeis, 
or dynamic centrifuge testing can reveal important information on in-situ behavior and help us 
develop unique correlations before a comprehensive case history database is developed. 
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All cyclic tests were performed at a confining pressure of 100 kPa.  While CSR is a normalized 
parameter, there is no reason to assume a curve constructed from a series of tests run at 200 kPa 
would be equivalent.  Therefore it is of interest to see the effect of confining pressure on the 
liquefaction resistance curve by performing additional test on a variety of confining pressure.  
 
As indicated previously, cyclic triaxial testing of reconstituted sandy samples is only an index 
test.  It poorly duplicates the stress states associated with true field earthquake conditions.  Most 
significant is that there is no change in the orientation of the principal stresses.  Cyclic simple 
shear testing creates a better reproduction of field conditions.  Cyclic simple shear studies on 
calcareous sand are considerably more limited than cyclic triaxial studies.  Therefore laboratory 
tests using the cyclic simple shear testing device would also be of interest to better simulate the 
field behavior. 
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APPENDIX I. MONOTONIC TRIAXIAL RESULTS 

 
Test No.:  MCU01 
Test Ref.:  20070718_Test01_D0_C2174 
DR(FINAL): 0% (-3.2%)* 
e:  1.234 
σ'3CON: 150 kPa 
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Figure I-1.  Stress Path - Test MCU01 

                                                 
 
* Rounded (Actual) 
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Figure I-2.  Strain Plot - Test MCU01 



APPENDIX I.  MONOTONIC TRIAXIAL RESULTS 

 75

 
 
 
Test No.:  MCU02 
Test Ref.:  20070719_Test01_D0_C2174 
DR(FINAL): 0% (4.1%)  
e:  1.203 
σ'3CON: 150 kPa 
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Figure I-3  Stress Path - Test MCU02 
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Figure I-4.  Strain Plot - Test MCU02 
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Test No.:  MCU03 
Test Ref.:  20070719_Test02_D0_C2174 
DR(FINAL): 0% (5.0%) 
e:  1.199 
σ'3CON: 150 kPa 
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Figure I-5.  Stress Path - Test MCU03 
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Figure I-6.  Strain Plot - Test MCU03 
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Test No.:  MCU04 
Test Ref.:  20070723_Test01_D10_C2175 
DR(FINAL): 10% (12.8%) 
e:  1.167 
σ'3CON: 150 kPa 
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Figure I-7.  Stress Path - Test MCU04 
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Figure I-8.  Strain Plot - Test MCU04 
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Test No.:  MCU05 
Test Ref.:  20070724_Test01_D20_C1087 
DR(FINAL): 20% (21.6%) 
e:  1.130 
σ'3CON: 75 kPa 
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Figure I-9.  Stress Path - Test MCU05 
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Figure I-10.  Strain Plot - Test MCU05 
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Test No.:  MCU06 
Test Ref.:  20070923_Test01_D20_C100 
DR(FINAL): 20% (18.6%) 
e:  1.143 
σ'3CON: 100 kPa 
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Figure I-11.  Stress Path - Test MCU06 
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Figure I-12.  Strain Plot - Test MCU06 
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Test No.:  MCU07 
Test Ref.:  20070925_Test01_D20_C200 
DR(FINAL): 20% (17.9%) 
e:  1.145 
σ'3CON: 200 kPa 
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Figure I-13.  Stress Path - Test MCU07 
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Figure I-14.  Strain Plot - Test MCU07 
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Test No.:  MCU08 
Test Ref.:  20071002_Test01_D20_C300 
DR(FINAL): 20% (21.7%) 
e:  1.129 
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Figure I-15.  Stress Path - Test MCU08 
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Figure I-16.  Strain Plot - Test MCU08 
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Test No.:  MCU09 
Test Ref.:  20070717_Test01_D40_C1087 
DR(FINAL): 30% (33.7%) 
e:  1.079 
σ'3CON: 75 kPa 
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Figure I-17.  Stress Path - Test MCU09 
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Figure I-18.  Strain Plot - Test MCU09 
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Test No.:  MCU10 
Test Ref.:  20071208_Test01_D20_C100 
DR(FINAL): 30% (26.8%) 
e:  1.108 
σ'3CON: 100 kPa 
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Figure I-19.  Stress Path - Test MCU10 
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Figure I-20.  Strain Plot - Test MCU10 
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Test No.:  MCU11 
Test Ref.:  20070927_Test02_D50_C100 
DR(FINAL): 40% (43.2%) 
e:  1.039 
σ'3CON: 100 kPa 
 
 
 
 
 
 

p, p' (kPa)
0 100 200 300 400 500

q 
(k

Pa
)

0

100

200

300

PT

ESP

TSP

DR=40%
σ'3CON=100kPa

 
Figure I-21.  Stress Path - Test MCU11 
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Figure I-22.  Strain Plot - Test MCU11 
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Test No.:  MCU12 
Test Ref.:  20071001_Test01_D50_C100 
DR(FINAL): 40% (40.5%) 
e:  1.051 
σ'3CON: 100 kPa  
 
 
 
 
 
 

p, p' (kPa)
0 100 200 300 400

q 
(k

Pa
)

0

100

200

PT

ESP

TSP

DR=40%
σ'3CON=100kPa

 
Figure I-23.  Stress Path - Test MCU12 
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Figure I-24.  Strain Plot - Test MCU12 
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Test No.:  MCU13 
Test Ref.:  20070716_Test01_D40_C2174 
DR(FINAL): 40% (35.4%) 
e:  1.072 
σ'3CON: 150 kPa 
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Figure I-25.  Stress Path - Test MCU13 
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Figure I-26.  Strain Plot - Test MCU13 
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Test No.:  MCU14 
Test Ref.:  20071004_Test01_D50_C200 
DR(FINAL): 40% (42.2%) 
e:  1.044 
σ'3CON: 200 kPa 
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Figure I-27.  Stress Path - Test MCU14 
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Figure I-28.  Strain Plot - Test MCU14 
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Test No.:  MCU15 
Test Ref.:  20071009_Test01_D50_C300 
DR(FINAL): 50% (53.4%) 
e:  0.997 
σ'3CON: 300 kPa 
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Figure I-29.  Stress Path - Test MCU15 
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Figure I-30.  Strain Plot - Test MCU15 
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Test No.:  MCU16 
Test Ref.:  20071009_Test02_D50_C300 
DR(FINAL): 50% (46.9%) 
e:  1.024 
σ'3CON: 300 kPa 
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Figure I-31.  Stress Path - Test MCU16 
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Figure I-32.  Strain Plot - Test MCU16 
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Test No.:  MCU17 
Test Ref.:  20080201_Test01_D60_C100 
DR(FINAL): 60% (58.3%) 
e:  0.976 
σ'3CON: 100 kPa 
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Figure I-33.  Stress Path - Test MCU17 
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Figure I-34.  Strain Plot - Test MCU17 
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APPENDIX II.  CYCLIC TRIAXIAL RESULTS 

 
 
Test No.:  CTX01 
Test Ref.:  20080128_Cyclic01_D20_CSR10 
DR(FINAL): 20% (21.7%)‡ 
e:  1.129 
σ'3CON: 100 kPa 
CSR:  0.10 
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Figure II-1. Stress Path – CTX01 

 

                                                 
 
‡  Rounded (Actual) 
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Figure II-2. Strain vs. Deviator stress– Test CTX01 
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Figure II-3. Pore Pressure Ratio with Residual Pore Pressure – Test CTX01 
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Figure II-4. Cyclic Parameters – Test CTX01 
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Test No.:  CTX02 
Test Ref.:  20080124_Cyclic01_D20_CSR 
DR(FINAL): 20% (22.0%) 
e:  1.128 
σ'3CON: 100 kPa 
CSR:  0.15 
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Figure II-5. Stress Path – CTX02 
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Figure II-6. Strain vs. Deviator stress– Test CTX02 
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Figure II-7. Pore Pressure Ratio with Residual Pore Pressure – Test CTX02 
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Figure II-8. Cyclic Parameters – Test CTX02 
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Test No.:  CTX03 
Test Ref.:  20071210_Cyclic01_D20_CSR2 
DR(FINAL): 20% (23.6%) 
e:  1.126 
σ'3CON: 100 kPa 
CSR:  0.20 
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Figure II-9. Stress Path – CTX03 



APPENDIX II.  CYCLIC TRIAXIAL RESULTS  

 114

εa (%)
-5 -4 -3 -2 -1 0

σ d
 (k

Pa
)

-40

-20

0

20

40
CSR=0.20
DR=20%

 
Figure II-10. Strain vs. Deviator stress– Test CTX03 
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Figure II-11. Pore Pressure Ratio with Residual Pore Pressure – Test CTX03 
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Figure II-12. Cyclic Parameters – Test CTX03 
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Test No.:  CTX04 
Test Ref.:  20071211_Cyclic01_D20_CSR15 
DR(FINAL): 20% (23.1%) 
e:  1.123 
σ'3CON: 100 kPa 
CSR:  0.15 
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Figure II-13. Stress Path – CTX04 
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Figure II-14. Strain vs. Deviator stress– Test CTX04 
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Figure II-15. Pore Pressure Ratio with Residual Pore Pressure – Test CTX04 
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Figure II-16. Cyclic Parameters – Test CTX04 
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Test No.:  CTX05 
Test Ref.:  20080125_Cyclic01_D20_CSR 
DR(FINAL): 20% (23.2%) 
e:  1.123 
σ'3CON: 100 kPa 
CSR:  0.13 
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Figure II-17. Stress Path – CTX05 
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Figure II-18. Strain vs. Deviator stress– Test CTX05 
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Figure II-19. Pore Pressure Ratio with Residual Pore Pressure – Test CTX05 
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Figure II-20. Cyclic Parameters – Test CTX05 

 



APPENDIX II.  CYCLIC TRIAXIAL RESULTS  

 122

 
 
 
Test No.:  CTX06 
Test Ref.:  20071206_Cyclic01_D40_CSR25 
DR(FINAL): 40% (38.4%) 
e:  1.059 
σ'3CON: 100 kPa 
CSR:  0.25 
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Figure II-21. Stress Path – CTX06 
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Figure II-22. Strain vs. Deviator stress– Test CTX06 
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Figure II-23. Pore Pressure Ratio with Residual Pore Pressure – Test CTX06 
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Figure II-24. Cyclic Parameters – Test CTX06 
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Test No.:  CTX07 
Test Ref.:  20071206_Cyclic02_D40_CSR2 
DR(FINAL): 40% (41.3%) 
e:  1.047 
σ'3CON: 100 kPa 
CSR:  0.20 
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Figure II-25. Stress Path – CTX07 
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Figure II-26. Strain vs. Deviator stress– Test CTX07 
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Figure II-27. Pore Pressure Ratio with Residual Pore Pressure – Test CTX07 
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Figure II-28. Cyclic Parameters – Test CTX07 
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Test No.:  CTX08 
Test Ref.:  20071207_Cyclic01_D40_CSR15 
DR(FINAL): 40% (42.6%) 
e:  1.042 
σ'3CON: 100 kPa 
CSR:  0.15 
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Figure II-29. Stress Path – CTX08 
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Figure II-30. Strain vs. Deviator stress– Test CTX08 
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Figure II-31. Pore Pressure Ratio with Residual Pore Pressure – Test CTX08 
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Figure II-32. Cyclic Parameters – Test CTX08 
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Test No.:  CTX09 
Test Ref.:  20080217_Cyclic01_D60_CSR 
DR(FINAL): 60% (55.4%) 
e:  0.988 
σ'3CON: 100 kPa 
CSR:  0.30 
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Figure II-33. Stress Path – CTX09 



APPENDIX II.  CYCLIC TRIAXIAL RESULTS  

 132

εa (%)
-5 -4 -3 -2 -1 0

σ d
 (k

Pa
)

-60

-40

-20

0

20

40

60
CSR=0.30
DR=60%

 
Figure II-34. Strain vs. Deviator stress– Test CTX09 
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Figure II-35. Pore Pressure Ratio with Residual Pore Pressure – Test CTX09 
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Figure II-36. Cyclic Parameters – Test CTX09 
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Test No.:  CTX10 
Test Ref.:  20080114_Cyclic01_D60_CSR35 
DR(FINAL): 60% (56.6%) 
e:  0.983 
σ'3CON: 100 kPa 
CSR:  0.35 
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Figure II-37. Stress Path – CTX10 
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Figure II-38. Strain vs. Deviator stress– Test CTX10 
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Figure II-39. Pore Pressure Ratio with Residual Pore Pressure – Test CTX10 
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Figure II-40. Cyclic Parameters – Test CTX10 
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Test No.:  CTX11 
Test Ref.:  20080115_Cyclic01_D60_CSR32 
DR(FINAL): 60% (56.8%) 
e:  0.982 
σ'3CON: 100 kPa 
CSR:  0.32 
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Figure II-41. Stress Path – CTX11 



APPENDIX II.  CYCLIC TRIAXIAL RESULTS  

 138

εa (%)
-5 -4 -3 -2 -1 0

σ d
 (k

Pa
)

-60

-40

-20

0

20

40

60
CSR=0.32
DR=60%

 
Figure II-42. Strain vs. Deviator stress– Test CTX11 
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Figure II-43. Pore Pressure Ratio with Residual Pore Pressure – Test CTX11 
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Figure II-44. Cyclic Parameters – Test CTX11 
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Test No.:  CTX12 
Test Ref.:  20080116_Cyclic01_D60_CSR30 
DR(FINAL): 60% (57.8%) 
e:  0.978 
σ'3CON: 100 kPa 
CSR:  0.30 
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Figure II-45. Stress Path – CTX12 



APPENDIX II.  CYCLIC TRIAXIAL RESULTS  

 141

εa (%)
-5 -4 -3 -2 -1 0

σ d
 (k

Pa
)

-60

-40

-20

0

20

40

60
CSR=0.30
DR=60%

 
Figure II-46. Strain vs. Deviator stress– Test CTX12 
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Figure II-47. Pore Pressure Ratio with Residual Pore Pressure – Test CTX12 
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Figure II-48. Cyclic Parameters – Test CTX12 
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Test No.:  CTX13 
Test Ref.:  20080110_Cyclic01_D60_CSR25 
DR(FINAL): 60% (58.9%) 
e:  0.974 
σ'3CON: 100 kPa 
CSR:  0.25 
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Figure II-49. Stress Path – CTX13 
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Figure II-50. Strain vs. Deviator stress– Test CTX13 
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Figure II-51. Pore Pressure Ratio with Residual Pore Pressure – Test CTX13 
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Figure II-52. Cyclic Parameters – Test CTX13 

 



APPENDIX III. CYCLIC DATA REDUCTION 
 

 146

APPENDIX III.  CYCLIC DATA REDUCTION 

The basic reduction of the cyclic data is exactly the same as the reduction of the 
monotonic data.  A deviator stress is determined, excess pore-pressure and effective 
stress is calculated.  An additional step in reduction is necessary for the cyclic test results.  
This step in reduction consists of refinements to make the data presentable for 
interpretation.  Three refinements are made to the results; (1) filtering, (2) applying a 
phase shift to the cell and sample pressures, and (3) adjusting the offsets or zeros for the 
sample pressure, cell pressures, and vertical load.  The following sections describe in 
detail how each refinement is made and the justification for making them.   

Filtering  
Filtering is the act of taking the raw data and altering it to make it more presentable and 
interpretable.  This issue has arisen because the raw load data collected, by the cyclic 
system is very irregular.  The data shows that the load is not applied in a consistent sine 
way.  Some of this can be attributed to noise in the system.  Figure III-1 shows a several 
cycles of the raw load data.  The pattern of irregularity is quite consistent from cycle to 
cycle.  To considere these regularizes noise would be wrong because each spike or peak 
is defined by a steady series of data points and not an unsteady signal.  Further more an 
almost identical pattern is found in the raw displacement data, Figure III-2.  This 
behavior is most likely due to the combination of friction in the system and servo control.  
The fact that this irregular loading is occurring can not be ignored.  While it is important 
to keep this in mind; valid results can still be obtained from this data.    
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Figure III-1. Typical raw load data 
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Figure III-2. Typical raw displacement data prior to liquefaction 

 
The Geocomp software (cyclic5.exe) has two methods of retrieving data.  Reduced data 
can be retrieved by going to the ‘Report’ menu and selecting ‘Table’.  The software uses 
a filtering algorithm on this data.  The details of this algorithm are not proved in the 
Goecomp literature, and are a ‘Black Box’ process.  Fully reduced data (σd, 
σV', εA, Δu…) are provided in the ‘Table’.  Raw data, that has not been reduced or 
filtered, can be retrieved by using an ‘Engineering Dump’ under the ‘File’ menu.   
 
Several methods can be used to filter the data.  By identifying the irregular frequencies, 
typically higher, they can be subtractedout.  A simpler method using a spline curve fitting 
algorithm seems to be more effective.  All reduced cyclic data presented has been filtered 
using the spline curve fitting algorithm in MatLab called “SMOOTH.”  After filtering the 
data presented Figure III-1 there is significantly difference, see Figure III-3.  
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Figure III-3. Filtered load data presented with raw data 

 

Phase Shift of Cell and Sample Pressure 
At the time of peak deviator stress, a corresponding peak sample pressure should be 
expected.  Some lag may be anticipated due to the finite incompressibility of the system.  
A considerable lag was found after careful review of the data as shown in Figure III-4.  
This results in a phase difference between the vertical load wave and the sample pressure 
wave.  The cell pressure seems to be in phase with the sample pressure, and the 
displacement seems to be in phase with the deviator stress.  At this point in time the 
author has no explanation as to what causes this lag.   
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Figure III-4.  Phase Difference in load and sample pressure data 

 
The question arises as to weather this lag is actually physically occurring or if there is a 
delay in acquisition and reporting of these data.  After careful review of many tests that 
this lag seems, in the opinion of the author, to be a problem in the data acquisition 
system.  There is some physical lag occurring, but this seems to be small.  In defense of 
this there are several points:  (1) The lag is consistent from test to test even where the 
load frequency is varied.  (2) There is a period of time at the start of the test where there 
is no change in sample pressure which corresponds to the phase difference.  (3) By 
correcting the phase difference in the data, the soil behavior follows accepted theory.  In 
the uncorrected results consist of sustained stress states beyond the failure envelops, 
including negative effective vertical stresses.   
 
If the cell and sample pressure data is shifted so that the peak in deviator stress occurs 
concurrently with the peak in sample pressure there are significant changes in the 
calculated effective stress path.  The local minimum deviator stress, negative, is matched 
with a local minimum in sample pressure.  This matching creates an elevated effective 
stress state.  When the stress path of a soil, sheared under undrained conditions, hits the 
failure line it with either run up (dilative) or down (contractive) the failure envelope.  The 
stress path will never cross it or maintain a negative mean effective normal stress value.  
The soil behavior is much more reasonable after the adjustment is made to the phases of 
the cell and sample pressures.  Figure III-5 shows how markedly different the stress path 
is with and without the phase shift.    
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Figure III-5. Stress Path for corrected (A) and uncorrected (B) phase difference 
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Offset Adjustment 
In Monotonic testing the offset, or zero, is a value that is routinely adjusted after the 
completion of the test.  These values are relatively arbitrary and heavily affected by 
external circumstances such as friction and hydrostatic pressures.  In using the Geocomp 
Cyclic Triaxial System establishing reliable offsets are especially difficult.  This system 
is essentially a static triaxial system with several extra parts part added to perform cyclic 
loading.  The static system does not have the load application or measurement 
capabilities needed for cyclic testing.  For this reason, and several others, the designers 
essentially added four extra transducers and another method of applying a vertical load.  
Therefore, the control and measurement of the cyclic phase of the test is totally separate 
from the static phases.  It becomes difficult to maintain consistency in offsets between 
these two sets of transducers.  In other words, the zero for one set of transducers is not be 
exactly the same as the other. 
 
By looking at the data and understanding what pressures should be associated with 
certain conditions offsets can be corrected and accounted for.  By looking at the behavior 
after full liquefaction has occurred there are certain conditions that are known.  In reality, 
following liquefaction the integrity of the triaxial test brakes down.  The cell pressure can 
not be held constant, and high strains, coupled with low sample strength need to sustain 
the load, create problems in the application of the load.  But the system is still measuring 
pressures, load and displacement.  Therefore some useful data exists as long as the 
circumstances are accounted for.  
 
Firstly, if after liquefaction the soil is assumed to be a fluid.  The pressure of this fluid, 
the sample, would be the same as the pressure of the cell fluid.  The soil structure is not 
sustaining any of the confining pressure.  Rather, the pore water is sustaining this stress, 
effective stress is zero.  By making this assumption, the cell and sample pressure offsets 
can be adjusted to so that the cell and sample pressures are equal during this liquefied 
state.  In setting the offsets for the external cell and sample pressure transducers a 
consistent error is introduced.  The zero is set without accounting for hydrostatic pressure 
causing an error as much as 5 kPa.  A review of the difference between the measured 
pressure at the end of the consolidation phase and the beginning of the cyclic phase is 
also checked.  This check, for the most part, justifies the changes to the sample and cell 
pressure offset. 
 
Secondly, the vertical load offset is very hard to get exact.  In monotonic testing this has 
little impact because these tests are performed under strain controlled conditions.  Also 
the applied loads are significantly larger than in cyclic testing.  A zero can be established 
by reviewing the data following the test.  For cyclic tests this adjustment can also be 
made.  After liquefaction the effective stress path should settle at zero.  Liquefied soil 
strength and membrane strength will effect this, but generally a zero can be established.  
Proper zeroing of the load prior to testing is extremely difficult, because it is a function of 
several external forces; the most significant being friction.  Exactly how to quantify and 
account for friction during a cyclic triaxial test is not established.  What is known is that 
soil in a liquefied state will not sustain a significant shear stress; therefore, deviator stress 
following liquefaction will generally settle at zero.  By changing the offset of the deviator 
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stress the ‘point of the arrow created by the stress path running up or down the failure 
envelops can be shifted along a 45° line to lie at the origin.  For all tests included in this 
study, this error in the initial load offset is small.  Because these tests are stress controlled 
the system will apply positive and negative deviator stresses base on the offset initially 
provided.  This adjustment to the offset will illuminate an asymmetrically applied 
deviator stress. 

Summary 
Three types of refinements have been performed on the data.  (1) Filtering, (2) Applying 
a phase shift to the cell and sample pressures, and (3) Adjusting the offsets or zeros for 
the sample pressure, cell pressures, and vertical load.  While Filtering does miss represent 
the applied loads it is necessary to the understanding and interpretation of the results.  
The phase difference observed in the data is significant.  The observed lag is not 
physically occurring, and a shift in the phase of the cell and sample pressure is justified.  
The extent to which the lag is corrected is somewhat arbitrary.  Adjustments to offsets are 
routine in all testing.  Determining zeros exactly prior to performing the tests are for the 
most part impossible.  By understanding soil behavior and post liquefaction test 
conditions small changes to these offsets are fully justified.   
 


